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List of symbols I 
LIST OF SYMBOLS 
_______________________________ 
Introduction 
Common symbols and abbreviations used throughout the dissertation are 
listed below. Specific symbols which are not listed may be used locally and 
in a specific context. As these symbols are locally explained and not used 
further in the dissertation, they have been omitted from the lists below. 
Locally some symbols may be used for a different meaning in a specific 
context. This local use of the same symbol has been accepted in case of 
conventions in literature. For example, the Greek symbol σ refers both to the 
mechanical concept of stress and to the statistical concept of the standard 
deviation. As stresses are only discussed locally this is not a problem. 
Special attention is warranted for the symbol χ. This symbol has been used 
throughout the dissertation to indicate a parameter known as the load ratio. 
However, considering conventions in literature, the same symbol χ is also 
applied to refer to the mechanical concept of curvature in specific contexts. 
Roman Symbols 
 
As reinforcement area [mm²] 
a axis distance of the reinforcement to the exposed surface [mm] 
B utility derived from the structure’s existence  
b slab width; beam width [mm] 
C costs associated with the initial construction  
C0 initial construction cost which is independent of the design 
parameter p 
 
c concrete cover [mm] 
D costs due to failure  
D0 costs related to structural failure during normal design 
conditions 
 
D1 costs related to structural failure during accidental loading 
conditions 
 
D2 costs related to rehabilitation of the damaged structure in case 
it did not fail during the accidental loading situation 
 
E load effect  
Ed design value of the load effect  
List of symbols II 
Ed,20°C design value of the load effect for the persistent design 
situation 
 
Ed,fi,tE design value of the load effect at tE minutes of fire  
FX(x) cumulative distribution function of the parameter X [-] 
fX(x) probability density function of the parameter X [-] 
fc,20°C 20°C concrete compressive strength [MPa] 
fc(θ) concrete compressive strength at elevated temperature θ [MPa] 
fck characteristic value of the concrete compressive strength [MPa] 
fct concrete tensile strength [MPa] 
fy,20°C 20°C reinforcement yield stress [MPa] 
fy(θ) reinforcement yield stress at elevated temperature θ [MPa] 
fyk characteristic value of the reinforcement yield stress [MPa] 
fy,res residual reinforcement yield stress [MPa] 
G permanent load effect  
Gk characteristic value of the permanent load effect  
gk characteristic value of the permanent load [kN/m²] 
h slab thickness, beam height [mm] 
iθ depth of the θ°C-limiting isotherm in the cross section [mm] 
KE model uncertainty for the load effect [-] 
KM additional model uncertainty accounting for simplifications 
introduced in the post-fire assessment method 
[-] 
KR model uncertainty for the resistance effect [-] 
KT total model uncertainty [-] 
kfc(θ) concrete compressive strength reduction factor at elevated 
temperature θ 
[-] 
kfc,res reduction factor for the residual concrete compressive strength [-] 
kfy(θ) reinforcement yield stress reduction factor at elevated 
temperature θ 
[-] 
kfy,res reduction factor for the residual reinforcement yield stress [-] 
ME bending moment induced by the load effects [kNm] 
MEd design value of the bending moment induced by the design 
loads 
[kNm] 
MG bending moment induced by the permanent load [kNm] 
MGk bending moment induced by the characteristic value of the 
permanent load 
[kNm] 
MQ bending moment induced by the imposed (or variable) load [kNm] 
MQk bending moment induced by the characteristic value of the 
imposed load 
[kNm] 
MRd design value of the bending moment capacity [kNm] 
MR,fi,tE bending moment capacity at tE minutes of fire exposure [kNm] 
MR,fi,tE,pos positive (field) bending moment capacity [kNm] 
MR,fi,tE,neg negative (hogging) bending moment capacity [kNm] 
m normalized bending moment [-] 
mE normalized bending moment induced by the load effects [-] 
mR normalized bending moment capacity [-] 
List of symbols III 
NE normal force induced by the load effects [kN] 
n normalized normal force [-] 
nE normalized normal force induced by the load effects [-] 
nR normalized normal force capacity [-] 
O opening factor [m1/2] 
P[.] probability operator  
Plimit,1 limiting acceptable probability for overinvestment [-] 
Plimit,2 limiting acceptable probability for underinvestment [-] 
Pf probability of failure [-] 
Pf,EN1990 target value of the theoretical probability of structural failure 
in the persistent design situation 
[-] 
Pf,fi conditional probability of failure given the occurrence of a 
fully developed fire 
[-] 
p1,1 annual probability of fire ignition (= λig) [1/year] 
p2 probability that the fire is not extinguished by the users [-] 
p3 probability that the fire is not extinguished by the fire brigade [-] 
p4 probability of failure of the sprinkler system [-] 
p5 probability that the structural component is situated in the part 
of the building engulfed by the fire  
[-] 
pfi,1 annual probability of a fully developed fire [1/year] 
psup probability of successful fire suppression [-] 
px probability of x (i.e. P[X = x]) [-] 
Q imposed load effect  
Qk characteristic value of the imposed load effect  
Q5 imposed load effect considering a 5 year reference period  
Q50 imposed load effect considering a 50 year reference period  
q fire load density [MJ/m²] 
qk characteristic value of the imposed load [kN/m²] 
qk,d characteristic value of the imposed load corresponding with 
the design value of the bending moment capacity prior to fire 
[kN/m²] 
qk,max maximum allowable characteristic value of the imposed load [kN/m²] 
R resistance effect  
Rd,20°C design value of the resistance effect for the persistent design 
situation 
 
Rd,fi,t design value of the resistance effect at t minutes of fire 
exposure 
 
r ratio of τ to ξ [-] 
s horizontal reinforcement spacing [mm] 
tE ISO 834 standard fire duration [min] 
tR structural fire resistance time  
tref reference period [min] 
tISO,eq equivalent ISO 834 standard fire duration [mm] 
V coefficient of variation [-] 
VX coefficient of variation of the parameter X [-] 
Y utility function  
List of symbols IV 
Greek Symbols 
 
β reliability index [-] 
βLCO optimum reliability index according to the methodology of 
Lifetime Cost Optimization 
[-] 
βmin minimum value of the reliability index obtained during a 
parametric fire exposure 
[-] 
βSTD reliability index obtained by applying design rules [-] 
βt target reliability index [-] 
βt,EN1990 target reliability index according to EN 1990 for the 
persistent design situation 
[-] 
βtref reliability index considering a reference period tref [-] 
βt,tref target reliability index considering a reference period tref [-] 
βt,fi target reliability index during fire exposure [-] 
βfi,tE reliability index at tE minutes of fire exposure [-] 
γ discount rate [-] 
γG partial factor for the permanent load [-] 
γQ partial factor for the variable load [-] 
ε ratio of additional costs related to the design parameter p 
to the basic construction cost 
[-] 
θ temperature [°C] 
θ1 maximum acceptable deviation factor for overinvestment [-] 
θ2 maximum acceptable deviation factor for underinvestment [-] 
θg gas temperature in the compartment [°C] 
θmax maximum attained (reinforcement) temperature [°C] 
κ reinforcement cost ratio [-] 
λig yearly fire ignition frequency [1/year]; 
[1/(year·m²)] 
ξ ratio of failure costs to the initial construction cost [-] 
µ mean value  
µ   vector of mean values  
µX mean value of the parameter X  
Σ . summation operator  
σ standard deviation  
σX standard deviation of the parameter X  
τ ratio of the repair costs to the initial construction cost [-] 
Φ(.) cumulative normal distribution function  
χ curvature [1/mm] 
χ load ratio [-] 
χmax maximum allowable load ratio [-] 
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CDF cumulative density function   
DET deterministic   
FORM First Order Reliability Method   
HC hydrocarbon fire   
HCinc hydrocarbon increased fire   
LHS Latin Hypercube Sampling   
LN Lognormal   
MC (crude) Monte Carlo   
Mixed LN Mixed Lognormal   
M-χ-tool cross-sectional numerical (moment-curvature) calculation 
tool 
  
PDF probability density function   
QST quenched and self-tempered   
 
  














Blootstelling aan brand is een zeer belangrijke accidentele belastingstoestand 
voor gebouwen en kan leiden tot het falen van constructie-elementen, wat 
mogelijks resulteert in menselijk leed en belangrijke economische schade. 
Recente voorbeelden zoals het gedeeltelijk instorten van de Windsor toren in 
Madrid in 2005 en van de faculteit bouwkunde van de TU Delft in 2008 
hebben het belang van constructieve brandveiligheid benadrukt, maar 
momenteel is er weinig gekend omtrent het veiligheidsniveau tijdens brand. 
In de Europese Unie is de norm EN 1992-1-2 bepalend voor het constructief 
ontwerp voor brand. Deze norm geeft rekenregels en materiaalmodellen voor 
het beton en het wapeningsstaal, maar vermeldt niet expliciet welk 
veiligheidsniveau door de norm beoogd wordt. Bovendien is het constructief 
ontwerp in EN 1992-1-2 gebaseerd op de geïdealiseerde ISO 834 
standaardbrand die niet met realistische (natuurlijke of parametrische) 
branden overeenstemt. 
In deze thesis wordt een numeriek model voorgesteld dat toelaat om het 
veiligheidsniveau te bepalen van betonelementen tijdens brand. Het model is 
gebaseerd op een discretisatie van de doorsnede en houdt rekening met de 
niet-lineaire en tijdsafhankelijke temperatuur in de doorsnede. Bovendien laat 
het model toe om de vele onzekerheden omtrent basisveranderlijken zoals de 
betondruksterkte en de betondekking in rekening te brengen. 
De eerste berekeningen van het veiligheidsniveau zijn gebaseerd op Monte 
Carlo simulaties, maar belangrijke verbeteringen in rekentijd worden bereikt 
door het toepassen van meer geavanceerde methodes en het bepalen van de 
distributiefunctie die de onzekere sterkte van het betonelement beschrijft. In 
het bijzonder voor betonplaten wordt een zeer uitgesproken vooruitgang 
geboekt door het introduceren van de gecombineerd-lognormale 
distributiefunctie om het weerstandbiedend moment tijdens brand te 
beschrijven. Een meer traditionele lognormale benadering geeft geen goede 
resultaten en leidt tot een onveilige inschatting van het veiligheidsniveau. Uit 
een uitgebreide parameterstudie blijkt verder dat de betondekking een zeer 
maatgevende parameter is voor constructieve brandveiligheid. 
Samenvatting VIII 
De ontwikkelde methodologie om het veiligheidsniveau tijdens brand te 
bepalen wordt toegepast om het veiligheidsniveau te bepalen dat impliciet 
door EN 1992-1-2 beoogd wordt. Bovendien worden de huidige rekenregels 
uit EN 1992-1-2 gegeneraliseerd op basis van risicobeschouwingen. Deze 
generalisatie laat toe om het toepassingsgebied van de norm uit te breiden 
naar bestaande constructies en situaties met verbeterde of verminderde 
kwaliteitscontrole – in volledige overeenstemming met de bepalingen van de 
huidige norm. De gegeneraliseerde methode kan beschouwd worden als een 
zeer precies instrument dat minder geschikt is voor alledaagse toepassingen, 
maar leidt wel tot bijkomende wiskundige argumenten voor het bepalen van 
de brandweerstand op basis van een beoogd veiligheidsniveau van 0.7 (voor 
een 50-jarige referentieperiode voor de variabele last). Dergelijk algemeen 
beoogd veiligheidsniveau is veel eenvoudiger praktisch toepasbaar. 
Bij vele branden is de intensiteit niet dermate sterk dat de constructieve 
stabiliteit van betonelementen in het gedrang komt. In deze gevallen moet 
men na de blootstelling aan brand nagaan wat het residueel draagvermogen 
is. Momenteel zijn slechts enkele deterministische methodes beschreven in de 
internationale literatuur. Aangezien het veiligheidsniveau voor verder gebruik 
het belangrijkste aspect is bij de bepaling van het residueel draagvermogen 
zijn deze deterministische methodes niet in staat om een resultaat te geven 
dat in overeenstemming is met de risico-gebaseerde concepten van EN 1990 
(grondslagen van het constructief ontwerp). 
In deze thesis wordt een eenvoudig-bruikbaar en risico-gebaseerde methode 
voorgesteld om het residueel draagvermogen te bepalen in overeenstemming 
met EN 1990. De methode maakt gebruik van voorgedefinieerde grafieken, 
in het proefschrift “assessment interaction diagrams” (AID) genoemd, en van 
een beperkt aantal analytische formules. De analytische formules geven een 
benadering van de gemiddelde waarde en de variatiecoëfficiënt van het 
weerstandseffect, en laten toe om inspectiedata (en de hiermee gepaard 
gaande onzekerheden) in rekening te brengen. Afwijkingen die door de 
benaderingsmethodes geïntroduceerd worden, worden verrekend door het 
invoeren van een bijkomende modelonzekerheid die verwerkt is in de 
analytische formules. De berekende waarden voor het gemiddelde en de 
variatiecoëfficiënt worden uitgezet in de AID, wat onmiddellijk (grafisch) de 
maximaal toegelaten belastingsverhouding (en de maximaal toegelaten 
karakteristieke waarde van de veranderlijke belasting) oplevert. De methode 
is zeer praktisch en eenvoudig toepasbaar, en is bovendien momenteel de 
enige vereenvoudigde risico-gebaseerde methode die beschikbaar is voor het 
bepalen van het residueel draagvermogen van betonelementen na brand. 
Samenvatting IX 
Nu zowel de faalkans tijdens brand als het residuele draagvermogen na brand 
gekend zijn, kan het optimale investeringsniveau in constructieve 
brandveiligheid bepaald worden, rekening houdend met onder andere de kans 
op brand tijdens de levensduur van de constructie, de onzekere intensiteit van 
deze brand, de initiële constructiekost, de kosten geassocieerd met falen van 
de constructie, en de disconteringsvoet. Het optimum investeringsniveau 
wordt bepaald door het in evenwicht brengen van bijkomende investeringen 
in veiligheid tijdens de constructiefase met een reductie in verwachte 
faalkosten tijdens de levensduur van de constructie. De wiskundige 
vergelijkingen die in de thesis afgeleid worden, zijn algemeen toepasbaar en 
worden gedetailleerd uitgewerkt in een rekenvoorbeeld. Aangezien het 
belang van de betondekking in de voorgaande hoofdstukken sterk is 
benadrukt, wordt als toepassingsvoorbeeld de optimum investering in 
betondekking bepaald voor betonplaten. 
In vele praktische toepassingen zullen echter afwijkingen bestaan tussen het 
toegepast investeringsniveau en het theoretisch optimaal investeringsniveau. 
Dit is een logisch gevolg van verschillende factoren. Vooreerst wordt het 
ontwerp van de meeste constructies bepaald door normen die beogen 
toepasbaar te zijn voor een breed spectrum aan constructies. Bijgevolg zullen 
de ontwerpregels die in de norm opgenomen zijn voor sommige constructies 
overeenstemmen met een overinvestering en voor andere constructies met 
een onderinvestering. Het is niet mogelijk om algemene regels te formuleren 
die in elke situatie tot een optimum leiden. Ten tweede zijn er zelfs in een 
ideale toestand waarbij het optimaal investeringsniveau voor één enkele 
specifieke situatie bepaald wordt vele onzekerheden omtrent de 
basisveranderlijken. Zo kan men in de ontwerpfase zelden de brandlast met 
zekerheid bepalen en is het niet mogelijk om de gevolgen van constructief 
falen tijdens brand met zekerheid te voorspellen. Ten derde beïnvloeden zeer 
veel psychologische aspecten het besluitvormingsproces en zullen 
bijvoorbeeld het subjectief gepercipieerd risiconiveau en risico-aversie een 
belangrijke rol spelen. Het is bijgevolg duidelijk dat in vele praktische 
situaties de besluitvormers de voorgaande aspecten kwalitatief in rekening 
zullen brengen, en dat het theoretisch optimaal investeringsniveau slechts één 
van vele overwegingen is. In de praktijk zal het vastgelegd 
investeringsniveau bijvoorbeeld gebaseerd zijn op consensus in een 
normcommissie. 
De noodzaak om politieke overwegingen in rekening te brengen wordt hier 
niet in twijfel getrokken, maar anderzijds is het wel betwijfelbaar of er geen 
grenzen bestaan aan de discretionaire bevoegdheid van de besluitvormer. 
Samenvatting X 
Indien men immers opteert voor een zeer uitgesproken onderinvestering, dan 
is dit onaanvaardbaar vanuit het perspectief van het recht op leven. Opteert 
men anderzijds voor een zeer uitgesproken overinvestering, dan slorpt dit 
middelen op die nuttiger kunnen aangewend worden voor investeringen in 
veiligheid in andere sectoren. Om deze grenzen aan de discretionaire 
bevoegdheid van de besluitvormer kwantitatief vast te stellen wordt een 
ondersteunend instrument voorgesteld dat een Aanvaardingsgebied bepaalt 
voor beslissingen omtrent investeringen in veiligheid. Binnen het 
Aanvaardingsgebied is de besluitvormer vrij om politieke overwegingen in 
rekening te brengen. De grenzen van het Aanvaardingsgebied worden 
bepaald door factoren voor maximum aanvaardbare over- en 
onderinvestering, en – aangezien iedere berekening inherent onzekerheden 
met zich meebrengt – door maximum geaccepteerde kansen voor deze 
situaties van onaanvaardbare over- en onderinvestering. Eénmaal de 
parameters bepaald zijn garanderen zij dat het criterium van een redelijke 
investering in veiligheid nooit uit het oog verloren wordt tijdens het 
besluitvormingsproces. Bovendien vereenvoudigt de voorgestelde methode in 
sterke mate de communicatie tussen technische experts, de besluitvormers, en 
de samenleving. 
De methode wordt in detail uitgewerkt in twee voorbeelden. Het eerste 
voorbeeld handelt over het optimaal veiligheidsniveau voor betonplaten bij 
normale belastingen. Het tweede voorbeeld handelt over beslissingen omtrent 
de vereiste constructieve brandweerstand. Hierbij wordt vastgesteld dat in 
geval van lage faalkosten geen Aanvaardingsgebied kan bepaald worden 
omwille van de grote onzekerheid op de brandlast. Dit betekent dat iedere 
keuze voor een bepaalde constructieve brandweerstand steeds resulteert in 
een onaanvaardbaar groot aantal situaties waar deze brandweerstand een 
onaanvaardbare over- of onderinvestering vormt. Enkel bij grotere faalkosten 
is er een duidelijk Aanvaardingsgebied. De afwezigheid van een 
Aanvaardingsgebied bij lage faalkosten moet echter niet beschouwd worden 
als een probleem voor de voorgestelde methode. Dit verduidelijkt integendeel 
de moeilijkheid om een aanvaardbaar investeringsniveau te vinden voor 
constructieve brandveiligheid. Er zijn verschillende opties mogelijk om in dit 
geval tot een werkbaar resultaat te komen. Vooreerst kan men opteren om te 
differentiëren tussen constructies met een hoge of lage brandlast. Anderzijds 
kan men opteren om een hogere kans op overinvestering (of theoretisch ook 
onderinvestering) te aanvaarden. Het voordeel van de voorgestelde methode 
is dat deze opties nu duidelijk zijn voor de besluitvormer en voor de 
samenleving, en dat men nu veel meer doordacht beslissingen kan nemen 




Fire is one of the most severe load conditions for structures and may cause 
premature failure of structural components, potentially resulting in human 
casualties and considerable economic losses. A number of recent fire-induced 
failures as for example the partial collapse of the Windsor Tower in Madrid 
(2005) and the collapse of the Architecture faculty of the TU Delft in the 
Netherlands (2008) have stressed the importance of structural fire design and 
structural fire safety, but up to now little research exists with respect to the 
safety level obtained during fire exposure. 
For concrete elements in the European Union structural fire design is 
governed by EN 1992-1-2. While this standard gives detailed material 
models and calculation rules, the safety level which is targeted by the 
standard is not stated explicitly. Furthermore, EN 1992-1-2 relates the fire 
performance of concrete elements to the idealized ISO 834 standard fire, 
further complicating the evaluation of the appropriateness of the standard 
with respect to real (natural or parametric) fire exposures. 
In this dissertation a numerical calculation tool is presented which allows to 
determine the safety level obtained by concrete elements during exposure to 
both standard fires and natural fires. The tool is based on a discretization of 
the cross-section and takes into account the non-linear and time-dependent 
temperature distribution in the cross-section, as well as the uncertainties 
which may exist with respect to basic parameters as for example the concrete 
compressive strength, the reinforcement yield stress and the concrete cover. 
While the initial evaluations are based on crude Monte Carlo simulations, 
improved computational efficiency is obtained by determining the probability 
density function describing the resistance effect during fire exposure, and the 
application of advanced structural reliability methods. Especially for concrete 
slabs a significant improvement is obtained by the introduction of the mixed-
lognormal distribution for describing the bending moment capacity during 
fire. It is observed that a more traditional choice for a standard lognormal 
distribution is not capable of accurately describing the distribution of the 
moment capacity and results in an unsafe approximation for the obtained 
safety level. Furthermore, parametric studies are executed and the obtained 
results stress the importance of the concrete cover for structural fire safety. 
Summary XII 
The developed methodology is applied to determine the implicit target 
reliability index incorporated in the current Eurocode design format, and to 
generalize the Eurocode definition of the structural fire resistance time. This 
generalized reliability-based definition is in full accordance with EN 1992-1-
2 but expands its applicability to existing structures and structures with 
reduced or improved quality control. Although the generalized methodology 
can be considered as a more refined tool not suitable for everyday 
applications, it gives very strong mathematical support – based on the current 
Eurocode design rules – for the much more practical option of defining the 
structural fire resistance time by a target reliability index of 0.7 (when 
considering a 50 year reference period for the imposed load effect). 
Often real fires are not so severe as to threaten the structural stability of 
concrete elements, and thus the residual load-bearing capacity after fire 
exposure has to be assessed. Currently few deterministic methods can be 
found in literature, but since safety is one of the main – possibly the main – 
consideration in the post-fire assessment of structures, deterministic methods 
are incapable of providing a solution which is in agreement with the 
reliability-based concept of EN 1990 (basis of structural design). 
In order to solve this problem, an easy-to-use reliability-based method is 
proposed to determine the maximum allowable characteristic value of the 
imposed load after fire exposure. The method is based on the application of 
pre-calculated graphs, called “assessment interaction diagrams”, and a 
limited number of analytical formulas. The analytical formulas give an 
approximation for the mean value and coefficient of variation of the 
resistance effect, and allow to incorporate data from inspections or test results 
(and the associated uncertainties) in the assessment. The deviations 
introduced by the approximations are taken into account by an additional 
model uncertainty which is calibrated to result in a very precise and 
conservative assessment, and which has been incorporated directly in the 
analytical formulas – avoiding any complications for the practical application 
of the method. When the obtained values for the mean and coefficient of 
variation of the resistance effect are indicated in the assessment interaction 
diagram, an assessment of the maximum allowable load ratio is obtained (and 
consequently, the maximum allowable characteristic value of the imposed 
load). While very practical and easy-to-use, the proposed method is 
considered to be the only simplified method currently available which is in 
agreement with the reliability-based background of the Eurocodes. 
Summary XIII 
Considering the behavior of concrete elements during fire exposure and the 
maximum allowable load after fire exposure, the optimum investment in 
structural fire safety for new structures is determined, taking into account 
amongst others the uncertainty of fire exposure, the uncertain fire severity 
given fire exposure, the failure costs, and discount rates. The optimum is 
defined by the concept of Lifetime Cost Optimization, balancing additional 
investments in the construction phase with reductions in expected failure 
costs during the lifetime of the structure. The derived mathematical 
formulations are generally applicable. Considering the importance of the 
concrete cover ascertained in the first chapters, the optimum concrete cover is 
determined for concrete slabs in an application example, and the influence of 
basic parameters as for example the discount rate are investigated. 
For many practical applications however, deviations from the optimum level 
of investment will exist. First of all, in most applications the fire safety 
design is governed by design codes and these design codes intend to be 
applicable to a wide range of structures, necessarily resulting in 
underinvestment for some realizations, and overinvestment in others. 
Secondly, even if only a single structure is considered, many parameters 
cannot be determined with certainty. For example the fire load density in the 
building and the consequences of structural failure are difficult to determine 
at best, and economic parameters as the discount rate are uncertain as well. 
Thirdly, many psychological effects influence the decision making process, 
and risk perception, availability effects and loss aversion may significantly 
influence the investment level chosen by the decision maker. Clearly, in 
many practical situations the decision makers will qualitatively take into 
account the many aspects mentioned above, and the chosen levels of 
investment will depend on a consensus in for example a standardization 
committee. The reliability-based theoretical optimum investment will be only 
one of many considerations. It is acknowledged that the decision maker 
should have the freedom to deviate from the calculated optimum for reasons 
of policy, but as severe underinvestment is unacceptable from the perspective 
of life safety, and severe overinvestment claims valuable resources which 
could be put to better use in other areas of public safety and health, it is 
questioned whether this freedom to deviate is without limits. 
In order to clarify the limits to the discretionary competence of the decision 
maker imposed by unacceptable levels of under- and overinvestment in 
safety, a decision-support tool is presented which calculates an Acceptable 
Range for the decision. Within this Acceptable Range the decision maker is 
free to take into account issues as risk perception, policy aims and political 
Summary XIV 
feasibility. The limits of the Acceptable Range are determined by maximum 
acceptable deviation factors for over- and underinvestment in safety, and – as 
some uncertainty is inherently associated with any type of evaluation – by 
limiting probabilities for the respective situations of over- and 
underinvestment. Once these parameters have been determined on a general 
basis, they ensure that the optimum safety is always taken into account 
during the decision making process. Furthermore, the Acceptable Range and 
the limited set of governing parameters (i.e. the maximum acceptable 
deviation factors and the limiting probabilities) allow for a much clearer 
communication between technical specialists, decision makers and the 
general public. 
The decision support tool is elaborated in detail in two application examples. 
In the first application example the Acceptable Range for the target reliability 
index for concrete slabs in normal design situations is determined, giving a 
clear overview of the proposed methodology and the calculation procedure. 
The second – and from a practical perspective much more important – 
example is concerned with the Acceptable Range for the structural fire 
resistance time required by the decision maker for the design of new 
structures. It is observed that in case of low failure costs (relative to the initial 
construction cost), the uncertainty with respect to the fire severity (fire load 
density) results in an incompatibility of the criteria of unacceptable 
overinvestment and unacceptable underinvestment, i.e. due to the large 
variation in fire load density a specific fire resistance time will always 
constitute a severe overinvestment in some structures, while at the same time 
being a severe underinvestment in others. Only when the failure costs are 
high, an Acceptable Range develops. The unavailability of an Acceptable 
Range in case of small failure costs does not constitute a problem for the 
proposed method. On the contrary, it clarifies to the decision maker and to 
the public that it is impossible to determine a single requirement which is 
applicable to a wide range of structures and at the same time does not result 
in large probabilities of unacceptable over- or underinvestment. Many 
options exist to alleviate this difficulty. For example, it is possible to 
differentiate between different types of structures (based on their fire load 
density). Alternatively, large probabilities of overinvestment (or theoretically 
as well underinvestment) could be accepted. However, thanks to the decision 
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I.1. Context of the research topic 
The topic of this dissertation is situated at the intersection of three different 
research areas: 1. structural reliability, 2. concrete structures exposed to fire, 
and 3. engineering-based decision making. Each of these three research areas 
encompasses a huge amount of knowledge, but for all three topics many 
important questions are still unanswered. The necessity to try to combine 
these distinct research areas is related to a number of very practical questions: 
How safe are concrete structures during fire exposure, and what does this 
mean for the increasingly important concept of performance-based design? Is 
it safe to use a concrete structure after it has been exposed to fire, or should 
the structure be strengthened, or even demolished?  Does it make sense to opt 
for additional investments in structural fire safety when considering the costs 
associated with a potential fire-induced structural failure during the lifetime 
of the structure? What should the (legal) requirements for structural fire 
safety be? 
 
These questions are to a lesser or greater extent investigated in this 
dissertation. Considering the vastness of the three constituent research fields 
it is clear that not every aspect has been treated, and that there are many 
opportunities for further research. Furthermore, this dissertation should be 
considered more as a proof of concept and stepping stone towards a 
comprehensive evaluation of current fire safety requirements. The concepts 
elaborated in the subsequent chapters do however result in a powerful tool for 
rational reliability-based decision making with respect to concrete structures 
exposed to fire. 
 
At the end of this chapter an outline of the dissertation is presented, but first 
the constituent research areas are summarily introduced and a number of 
basic concepts are discussed. 
I.2. Introduction to structural reliability 
When designing a structure many performance criteria have to be met: the 
structure has to be accessible, healthy, functional, aesthetic... Satisfying these 
performance criteria requires the cooperation of a large number of people in a 
multidisciplinary team. However, there are also a number of performance 
criteria which are the direct responsibility of the structural engineer, as for 
example the criteria of structural stability and durability. In order to allow for 
a practical evaluation of the performance of the structure, the general 
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performance criteria are evaluated through a number of specific limit states 
(for example the limit state of adequate bending moment capacity). 
 
Two principal categories of limit states exist: ultimate limit states and 
serviceability limit states. While the ultimate limit state represents situations 
where the structure is on the point of losing its integrity (i.e. inadequate 
strength), the serviceability limit state represents the limit of acceptable 
behavior of the structure during normal use (i.e. deflections, vibrations, etc.). 
As the topic of this dissertation relates to the safety of the structure, only 
ultimate limit states will be investigated further. 
 
The ultimate limit state relates to the requirement of adequate strength of the 
structure, i.e. the resistance effect R has to be larger than the load effect E. 
For practical feasibility, all calculations of R and E are based on 
simplifications and a limited level of detailing. Therefore systematic errors 
are always present when determining R and E, and model uncertainties KR for 
the resistance effect and KE for the load effect have to be considered 
(Ditlevsen & Madsen, 1996). The strength criterion of the ultimate limit state 
can be represented by the limit state function Z, as given by equation (I.1), 
where the strength criterion is met if Z > 0, and the structure fails to meet the 
strength criterion if Z < 0.  
 
R EZ K R K E= −  (I.1) 
 
Although the inability of the structure to satisfy the limit state function Z is 
defined as failure, this does not necessarily mean that the structure fails to 
satisfy the underlying performance criterion as well, since different limit 
states may exist which operate in parallel to the failed limit criterion. For this 
kind of parallel system, real failure only occurs if all parallel limit states have 
failed. As an example, the bending failure of a simply supported concrete 
slab does not necessarily imply a collapse of the structure as the slab may be 
able to carry the load through tensile membrane action, see e.g. (Gouverneur, 
2014). 
 
Traditionally a deterministic model is used to assess the response of a 
structure with all of its material properties, geometrical properties and actions 
uniquely given. When for example applying a deterministic method for a 
strength calculation of type R > E, the structure is deemed able to carry the 
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load as soon as the calculated strength exceeds the load. However, when one 
or more of the material or geometrical properties, or the actions on the 
structure are of a stochastic nature, the response of the structure cannot be 
determined with certainty (Benjamin & Cornell, 1970). Therefore, a 
probabilistic analysis is necessary which results in a probability that the 
structure is unable to satisfy the limit state function Z (Ditlevsen & Madsen, 
1996), i.e.: 
 
[ ]0fP P Z= <  (I.2) 
 
with Pf the probability of failure, and P[.] the probability operator. 
 
The limit state function Z can be evaluated for every possible combination of 
values of the variables KR, R, KE and E. Consequently, the probability of 
failure Pf can be determined by combining a large number of random 
realizations for these variables. This straightforward method is known as the 
crude Monte Carlo simulation technique (Robert & Casella, 2004) and the 
probability of failure Pf is assessed by (I.3),  with NZ<0 the number of 











If an infinite number of simulations is performed, (I.3) will give an exact 
solution for Pf. However, in practical situations where the number of 
simulations is limited, Monte Carlo simulations will result in an 
approximation for the probability of failure. For many practical applications a 
reasonable number of simulations suffices to make an adequately precise 
approximation for Pf, see (Robert & Casella, 2004).  
 
However, Monte Carlo simulations can easily become very computationally 
expensive with calculation times growing beyond practically feasible 
durations. Therefore, approximate methods have been developed which are 
much more computationally efficient, as amongst others FORM (Hasofer & 
Lind, 1974), importance sampling (Robert & Casella, 2004), and Latin 
hypercube sampling (Ollson et al., 2003). Of these methods especially 
FORM requires special attention as FORM results in a single invariant 
solution for a given set of input distributions, i.e. only a single FORM 
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calculation is required to make an approximation of the failure probability 
and recalculating the FORM results in the same solution. Apart from being 
an approximation, a drawback of FORM is the requirement to know the 
distribution of the variables in the limit state function. Therefore, in Chapter 
III considerable emphasis is put on determining the appropriate stochastic 
distribution describing the resistance effect during fire exposure. 
 
The probability of failure for the ultimate limit state is in general a small 
number with order of magnitude 10-5
 
in normal design situations. 
Furthermore, a change of Pf from 10-5 to 10-4 is arguably much more 
important than an increase of Pf with the same value (0.9·10-5), if Pf is already 
in the order of magnitude of 10-2. Therefore, the probability of failure is in 
general presented through a reliability index β, using the transformation 
given by equation (I.4). For reference, a visual representation of the relation 
between β and Pf is given in Figure I.1. 
 
( )fP β= Φ −  (I.4) 
 
with Φ(.) the cumulative normal distribution function. 
 
Figure I.1: Visual representation of the relationship between Pf  and β, as 
defined by equation (I.4).  
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In the European Union (and in other countries as for example Norway, 
Singapore, Malaysia and South Africa) the design of structures is governed 
by the Eurocodes. These design standards are reliability-based and 
consequently are directly related to the concepts of the ultimate limit state 
and probability of failure. For example EN 1990 explicitly states a target 
reliability index βt,50 of 3.8 when considering a 50 year reference period 
(CEN, 2002a), with the reference period being the time-scale for which 
maximum values of variable loads are determined (for example snow loads). 
Since full-probabilistic calculations are most often considered too complex 
and time-consuming for practical design, the Eurocodes prescribe a semi-
probabilistic methodology where conservative “characteristic” values of the 
basic variables are combined with partial factors to determine a design value 
Rd for the resistance effect R, and a design value Ed for the load effect E. The 
evaluation of the structural design then reduces to checking if Rd ≥ Ed. 
For concrete structures, EN 1992-1-1 (CEN, 2004a) governs the design for 
normal situations, and EN 1992-1-2 (CEN, 2004b) gives guidelines for 
structural fire design. These standards are at the foundation of the 
calculations performed in this dissertation. Despite the reliability-based 
framework of the Eurocodes, the safety level targeted by EN 1992-1-2 is not 
explicitly known. Therefore, the evaluation of the safety level obtained when 
applying EN 1992-1-2 is one of the first aspects investigated further in the 
dissertation (see Chapter III and Chapter V). 
I.3. Introduction to concrete structures and fire 
As discussed in the previous section, the current design methodology for 
structural fire design of concrete structures is governed by EN 1992-1-2 
(CEN, 2004b). In this standard, concrete structures are designed for fire 
exposure based on the fire design of individual elements, with the fire design 
of elements being derived from test results for standardized fire exposures in 
small furnaces (Bailey, 2002). Specific testing for fire exposure is necessary 
because the behavior of heated reinforced concrete elements differs from the 
behavior at normal (ambient) temperatures. On the one hand the strength of 
the material is directly affected by elevated temperatures, while on the other 
hand restrained thermal expansion may result in internal and external 
restraining forces. Recently, numerical tools have been developed which are 
capable of mathematically describing the behavior of concrete elements 
during fire exposure, at least partially reducing the need for expensive full-
scale testing, see for example (Kodur & Dwaikat, 2008). One of these 
numerical tools has been developed for this dissertation and will be 
Chapter I: General introduction & research scope 7 
introduced in the next chapter. However, first the basic concepts of standard 
fire exposure, concrete material properties during fire, and restrained thermal 
expansion are summarily introduced. As some results of the numerical 
calculation tool are given below (for example in Figure I.4), it is important to 
note that the tensile strength of concrete is conservatively neglected in the 
numerical calculation tool. A more detailed overview of basic model 
assumptions is given in Chapter II. 
I.3.1. Real fires, standard fires and parametric fires 
In real fires, the fire remains localized until a phenomenon known as 
flashover occurs (Drysdale, 1998). At flashover, the entire compartment is 
suddenly engulfed by flames and the severe fire loading of the structure 
begins. The evacuation of any occupants should occur before flashover, as it 
can reasonably be assumed that after flashover all remaining occupants have 
died (Buchanan, 2001). Consequently, structural fire safety relates to a totally 
different time-frame and a totally different fire behavior than the fires 
considered when determining the available safe evacuation/egress time. 
The fire loading after flashover has been codified in a set of standard fire 
curves. These standard fire curves fix the gas temperature θg in the 
compartment as a function of the exposure time tE and are used for 
standardized fire testing of structural elements in accordance with European 
legislation. For modeling purposes, the temperature distribution in the 
structural element exposed to the standard fire is derived from the given gas 
temperature by integrating the differential equations for heat transfer 
(radiation, convection and conduction). 
The Eurocode uses the ISO 834 standard fire curve (ISO, 1975) for most 
structures and the hydrocarbon (HC) curve for specific structures with a risk 
of hydrocarbon fires (CEN, 2002b). The formulas defining these standard fire 
curves are given by equations (I.5) and (I.6) respectively, with the gas 
temperature θg given in °C, and the time of fire exposure tE given in minutes 
(CEN, 2004b).  
( )1020 345log 8 1g Etθ = + +  (I.5) 
( )0.167 2.520 1080 1 0.325 0.675tE tEg e eθ − −= + − −  (I.6) 
 
Furthermore, recent severe fires in tunnels have given rise to the development 
of alternative severe standard fire curves for tunnel design. The most well-
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known of these new fire curves are the hydrocarbon increased (HCinc) curve 
and the Rijkswaterstaat (RWS) curve (ITA, 2005). 
While for the design of tunnels a renewed emphasis on standard fire curves 
has been developed, a trend towards the use of parametric fires exists for 
most other structures, as part of the tendency towards “performance based 
design”. Parametric fire curves take into account the specific fire load in the 
compartment and the ventilation characteristics. Consequently, a parametric 
fire for a library (high fire load density) is fundamentally different from a 
parametric fire for a residential building (low fire load density). Some 
examples of parametric fire curves are the Eurocode parametric fire curve 
(CEN, 2002b), the BFD fire curve (Barnett, 2002), and the iBMB fire curve 
(Zehfuss & Hosser, 2007). Clearly, the use of parametric fire curves may 
result in a more rational distribution of investments in structural fire safety. 
However, when applied indiscriminately, there exists a real risk of weakening 
the lifetime performance of structures. These concepts of parametric fire 
exposure and performance based design are discussed in more detail in 
Chapter V. 
I.3.2. Effect of fire on the strength of concrete and 
reinforcement 
Traditionally, the effect of fire on the mechanical properties of concrete and 
reinforcement is modeled as a temperature-dependent degradation of the 
strength characteristics. Other effects on the material strength due to for 
example the heating rate or the nonlinearity of the temperature distribution 
within the cross-section are in this respect neglected. 
 
Taking into account the local temperature and the local stress, the total local 
strain εtot of a discrete point in a concrete element is the summation of the 
free thermal strain εth, the mechanical strain εσ, the creep strain εcr and the 
transient creep strain εtr (Gernay, 2012): 
 
( ) ( ) ( ) ( ), ,tot th cr trσε ε θ ε θ ε σ θ ε σ θ= + + +  (I.7) 
 
In EN 1992-1-2 (CEN, 2004) equation (I.7) is simplified to (I.8) (applicable 
both for concrete and reinforcement), avoiding the stress-dependency of the 
last two components: 
 
( ) ( )tot th σε ε θ ε θ= +  (I.8) 
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The advantage of the Eurocode-formulation for design purposes is apparent. 
Furthermore, (fib, 2008) states that the transient creep strain εtr is implicitly 
accounted for by the Eurocode material models. According to Franssen 
(2004) the usefulness of an explicit consideration of εtr can be questioned for 
many practical reasons. Furthermore, in (Gernay & Franssen, 2010) an 
explicit consideration of εtr is found to be important only when modeling the 
displacements of concrete structures during the cooling phase of the fire. 
 
In this dissertation, the Eurocode material models of EN 1992-1-2 (CEN, 
2004b) and the simplified strain model (I.8) are maintained in all chapters. 
The motivation is three-fold: 1. The goal of the dissertation is to investigate 
the safety level implicitly assumed by the Eurocodes. Therefore, the 
Eurocode models should be implemented with as much detail as possible. 2. 
When determining the failure probability during fire, both the load effect and 
the resistance effect are uncertain. Implementing a stress-dependent function 
would require a coupling of the load and resistance effect for reliability 
calculations, drastically increasing computational requirements. 3. The load 
bearing capacity of the structural element during and after fire exposure is the 
main focus of this work and consequently, approximate results for 
displacements during the cooling phase are considered acceptable. 
 
The material models of EN 1992-1-2 (CEN, 2004b) specify the concrete 
compressive strength fc(θ) and reinforcement yield stress fy(θ), at elevated 
























=  (I.10) 
 
with fc,20°C and fy,20°C the concrete compressive strength and reinforcement 
yield stress at normal design conditions. 
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The values for kfc(θ) and kfy(θ) prescribed by EN 1992-1-2 are visualized in 
Figure I.2 and Figure I.3, where the full lines relate to the nominal values 
given in the Eurocode. 
 
As the following chapters focus on the reliability of concrete elements during 
fire exposure, the uncertainty or variability with respect to the reduction 
factors kfc(θ) and kfy(θ) has to be taken into account. Unfortunately, only limited 
data is available in literature indicating the scatter of test results. 
Consequently, the variability of kfc(θ) and kfy(θ) is estimated based on a limited 
number of tests performed at Ghent University by Annerel (2010) and an 
assumption is made with respect to the stochastic distribution describing kfc(θ) 
and kfy(θ). As a normal distribution may be considered appropriate considering 
the limited amount of information but may on the other hand result in 
physically impossible negative values for the reduction factors, a Beta-
distribution is proposed bound by three times the standard deviation (i.e. 
σkfy(θ) and σkfc(θ) respectively), and with the Eurocode nominal curve as mean 
value. This type of Beta distribution very closely resembles a normal 
distribution, but avoids the theoretical possibility of values ranging from 
minus infinity to plus infinity. The dashed lines in Figure I.2 and Figure I.3 
indicate the 25%- and 75% quantiles of the Beta distribution, while the dotted 
lines correspond with the minimum and maximum values (i.e. the bounds of 
the Beta distribution). 
 
The mathematical representation of the variability of kfc(θ) is defined by the 
coefficient of variation Vkfc(θ):  at 20°C Vkfc = 0 and at 700°C Vkfc = 0.045. For 
intermediate temperatures linear interpolation is used, while for larger 
temperatures Vkfc is maintained at 0.045. For the reinforcement yield stress 
reduction factor a similar model is used with Vkfy = 0 at 20°C, Vkfy = 0.052 at 
500°C, linear interpolation for intermediate temperatures, and Vkfy = 0.052 for 
temperatures above 500°C. Note that these probabilistic models for kfc(θ) and 
kfy(θ) are based on limited data. Other values or model assumptions can easily 
be implemented when more detailed data is available. 
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Figure I.2: Concrete compressive strength reduction factor kfc(θ) at elevated 
temperature θ, EN 1992-1-2 prescribed values (mean value of the Beta-
distribution), 25%- and 75%-quantiles (dashed lines) and bounds (dotted). 
 
Figure I.3: Reinforcement yield stress reduction factor kfy(θ) at elevated 
temperature θ, EN 1992-1-2 prescribed values (mean value of the Beta-
distribution), 25%- and 75%-quantiles (dashed lines) and bounds (dotted). 
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I.3.3. Fire-induced thermal restraint forces 
For unrestrained, uniformly heated specimens, elevated temperatures result in 
an expansion of the concrete material, as mathematically described by (I.11), 
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 (I.11) 
 
For concrete elements subjected to fire, the temperature in the cross-section is 
not uniform, but highly nonlinear due to the relatively low thermal 
conductivity and high thermal capacity of concrete. Consequently, the free 
thermal expansion described by (I.11) cannot be realized for every point of 
the cross-section considering the Euler-hypothesis of plane sections, and 
internal forces originate in the cross-section even if the element is not 
externally restrained. These concepts are illustrated in Figure I.4 for a cross-
section exposed to fire from the bottom side only and without any resultant 
force (i.e. N = 0 and M = 0).  As indicated in the figure, the internal 
compatibility requirement may result in a fire-induced curvature χfi of the 
cross section. The global fire-induced free expansion (or contraction) of the 
cross-section is given by εfi,G, with G the center of gravity. Since Figure I.4 
refers to the situation where N = 0, the initial strain before fire is zero and εfi,G 
is the total strain in the center of gravity. 
 
 
Figure I.4: Strain distribution describing internal restraint forces for N = 0 
and M = 0: thermal strain diagram, total strain diagram, mechanical strain 
diagram and associated force diagram. 
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If the element is externally restrained, the thermal curvature χfi and the global 
expansion εfi,G may be fully or partially inhibited, resulting in a fire induced 
moment Mfi and normal force Nfi. Due to the temperature-dependency of the 
mechanical properties, the nonlinear stress-strain diagrams and the 
assumption that concrete only works in compression, these parameters (χfi, 
εfi,G, Mfi and Nfi) depend on the fire duration, the boundary conditions 
considered, and the normal force N and moment M in the cross-section. This 
is illustrated in Figure I.5 for different ISO 834 standard fire durations where 
the normalized force nfi = Nfi / (fckbh) is indicated which is required to 
maintain a specified εG, here εG = 0 (for M = 0 and an initial normal force 
ratio n0 = 0). 
 
Figure I.5: Fire-induced normal force nfi and unrestrained global thermal 
expansion εfi,G for different fire durations tE (n0 = 0). 
 
In the remainder of this dissertation the fire-induced normal force Nfi and 
fire-induced bending moment Mfi are not explicitly considered and a more 
general methodology considering values for the total load {NE; ME} is 
developed. As the fire-induced forces can be combined with the forces 
associated with the self-weight and service load on the structure, this does not 
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constitute a conceptual drawback. On the contrary, considering Nfi and Mfi 
would necessitate making additional assumptions with respect to the design 
(as for example the span of the restrained beam), reducing the very general 
nature of the reliability calculations presented further in Chapter III. On the 
other hand, the internal restraint forces are (implicitly) considered in the 
numerical calculations as they are inseparably linked with the mechanical 
behavior of the cross-section. 
I.4. Introduction to risk-based decision making in 
structural engineering 
Public concerns with respect to structural reliability are as old as the 
sedentary society, as illustrated by the famous example of the Codex 
Hammurabi of the 18th century B.C., see e.g. (Lemaire, 2009). Through a 
long process of trial and error, these public concerns have resulted in current 
prescriptive requirements and design codes. Consequently, these  
requirements can be considered to reflect societal preferences with respect to 
the desired level of safety for structures. On the other hand, contemporary 
society increasingly emphasizes the importance of cost optimization and 
sustainable constructions as well. Therefore, it is of specific importance to 
investigate whether the current design rules correspond with (approximately) 
optimum solutions, or whether society is systematically overinvesting or 
underinvesting in structural safety. Determining the optimum level of 
investment based on the uncertain failure costs during the lifetime of the 
structure is the area of risk-based decision making known as lifetime cost-
optimization. It is important to stress that the optimum design may 
correspond with a higher initial cost of construction in combination with a 
lower expected cost over the lifetime considering possible failure events, i.e. 
it is not the initial cost of construction which is optimized, but the long term 
performance of the structure (Sarma & Adeli, 1998). However, even when 
knowing the lifetime optimum design solution, political preferences and 
psychological concepts as risk perception and availability effects may 
influence the final decision (Proske et al., 2008). 
I.4.1. Target reliability index for structural fire design 
The target reliability index βt is often not explicitly known, but is only 
implicitly incorporated in the design rules, as is the case for the structural fire 
design of concrete structures in accordance with EN 1992-1-2. Consequently, 
current designs can be considered as manifestations of the target reliability 
index currently preferred by society, since the design rules are commonly 
accepted by the public and are incorporated in recommendations of a code-
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making authority, which according to Ditlevsen & Madsen (1996) is 
supposed to represent the civil engineering profession and is considered to 
have collected the experience of the profession. Quantifying these societal 
preferences by evaluating the implicit target reliability index associated with 
the current design rules simplifies the evaluation of equivalence for new 
innovative designs. The observed implicit target reliability index however 
depends on the models used for the reliability evaluation (Ditlevsen & 
Madsen, 1996). Specifically referring to the structural reliability of concrete 
structures during fire exposure, this means that the safety level associated 
with the current design rules should be evaluated considering probabilistic 
models for the basic variables which can be considered as standard values.  
I.4.2. Lifetime cost-optimization of structures 
While the current design rules are generally accepted, they are mostly 
founded on experience and therefore may not always correspond with a 
rational allocation of resources. Especially for accidental design situations 
like fire it is questionable whether experience is capable of adequately 
assessing the cost-benefit ratio of investments in safety. A more rational 
approach is to take into account the characteristics of the structure and to 
determine the economic optimum fire safety design. This economic optimum 
is obtained by minimizing the total costs, explicitly taking into account e.g. 
the fire ignition frequency, the probability of successful fire suppression and 
the damage costs due to a fire-induced failure. As fire is one of the most 
severe loading conditions for structures, this kind of optimization is 
necessary to ensure that an economic design at normal loading conditions 
does not result in a disproportionate over- or underinvestment with respect to 
fire safety. On the other hand a limited systematic over- or underinvestment 
may be acceptable, but it should be made clear to both the decision maker 
and the general public, and it should be based on an explicit policy. 
Furthermore, if (legal) requirements would correspond with a systematic 
underinvestment in structural fire safety, the private investor may want to 
increase his investments beyond these minimum legal requirements. 
 
In order to determine the economic optimum, the current and future costs 
associated with the design should be minimized, balancing the up-front 
investment in additional safety with the expected benefits from loss-
prevention. The foundation for this type of analysis in structural engineering 
was developed by Rosenblueth and Mendoza (1971) and has been further 
elaborated in particular by Rackwitz (2000, 2001, 2002) and Rackwitz et al. 
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(2005). The optimization procedure consists of maximizing the utility 
function Y: 
 
( ) ( ) ( ) ( )Y p B p C p D p= − −  (I.12) 
 
with B(p) the utility derived from the structure’s existence, C(p) the initial 
cost of construction, D(p) the costs due to failure and p a vector of design 
parameters pi. 
 
As mentioned above, optimizing the design with respect to the design 
parameters pi requires maximizing the utility function Y(p). This corresponds 
with requiring the derivative of Y(p) with respect to pi to be equal to zero for 
all i: 
 







∂  (I.13) 
 
Solving the set of equations defined by (I.13) gives the optimum design 
solution. Note that equation (I.13) may in principle result in local optima, or 
may theoretically even result in minima for the utility function (I.12). 
However, as investments in safety can be increased to infinity at which point 
they do not bring any further reduction in failure probability, a global 
minimum for (I.12) does not exist. As a general rule, (I.12) should be 
evaluated for all reasonable solutions obtained by solving (I.13), as well as 
for the boundary values defining the reasonable range for the optimized 
parameters pi (cf. infra).  
I.4.3. Subjective aspects in real-life decision making 
In real-life decision making subjective aspects as for example loss aversion 
and availability effects strongly influence decisions, see e.g. (Kahneman, 
2011). Furthermore, Arrow (1963) stresses the multitude of different 
preferences in society, implying that different individuals have different 
(risk) preferences. According to Proske et al. (2008) the concept of safety is 
furthermore by its very nature related to a subjective evaluation of the 
situation (i.e. whether or not the situation is acceptable, or if additional 
resources should be spend to improve safety), making the term “perceived 
safety” a pleonasm, and further emphasizing the importance of the 
psychological aspects discussed by Kahneman (2011) for decisions on for 
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example structural fire safety. Consequently, the consistency between 
individual decision making about risk can often be questioned, see e.g. the 
comparison of cost-effectiveness for different life safety measures in (Tengs 
et al., 1995). Nathwani et al. (1997) conclude that day-to-day decisions about 
risk should be depoliticized, and decisions on life safety should be based on 
quantitative risk-based considerations. However, it can be questioned 
whether this would be beneficial for the perception of safety, and if safety is 
inherently subjective, as stated by Proske et al. (2008), then a full 
depoliticization would arguably increase overall life-expectancy, but would 
not result in an associated improvement of safety and psychological “quality 
of life”. The basic statement by Nathwani et al. (1997) that the use of 
quantitative methods is “a hallmark of professional quality in risk 
management” should however be taken to heart, and although deviating from 
the depoliticized optimum for reasons of policy may be acceptable up to a 
certain extent, blatant over- or underinvestment should be avoided.  
I.5. Research scope and outline of the thesis 
The goal of the dissertation is to formulate an answer to the practical 
questions stated in section I.1: How safe are concrete structures during fire 
exposure? Is it safe to use a concrete structure after it has been exposed to 
fire?  Does it make sense to make additional investments in structural fire 
safety? What should the (legal) requirements for structural fire safety be? 
Answers to these questions, or more precisely methodologies for answering 
these questions, are presented in the subsequent chapters. 
Whereas Chapter I has given an introduction to the research context and has 
introduced the three constituent research areas (structural reliability, concrete 
structures exposed to fire, and decision making), the basic numerical models 
developed for this dissertation are described in Chapter II, and a methodology 
for calculating the reliability index for concrete elements during fire exposure 
is presented in Chapter III. Chapter III is a fundamental chapter evaluating 
the safety level in accordance with EN 1992-1-2 (CEN, 2004b) as a function 
of the ISO 834 standard fire duration tE. 
If the structure does not fail during fire exposure, the residual load-bearing 
capacity should be assessed. Although up to now only deterministic methods 
have been proposed in literature, an evaluation of the maximum allowable 
imposed load after fire exposure should be based on reliability 
considerations, considering the reliability-based concept of the Eurocodes. As 
an answer to this practical problem, an easy-to-use and very efficient 
reliability-based method is proposed in Chapter IV. 
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In Chapters III and IV the presented methodologies are based on an 
(equivalent) standard fire exposure. Considering the trend towards 
performance based design and the use of parametric (or natural) fire 
exposures, the safety level associated with the Eurocode parametric fire is 
evaluated in Chapter V, together with other fundamental considerations for 
performance based design, as for example a reliability-based equivalent 
standard fire exposure, and the (implicit) target reliability index according to 
EN 1992-1-2. 
Chapter VI focusses on the topics of lifetime cost-optimization and decision 
making. First, the basic methodology developed by Rackwitz for reliability-
based cost-optimization is further elaborated taking into account the effect of 
accidental fire loading. Secondly, a decision-support tool is presented which 
allows for an accommodation of subjective considerations in the decision-
making process while at the same time ensuring that acceptable levels of 
investment in safety are obtained. The presented decision-support tool 
informs the decision-maker of the acceptability limits for his decision, and 
does not try to directly impose a calculated optimum solution. 
Whereas a standard fire exposure is considered in Chapter III and a known 
parametric fire exposure is considered in Chapter V (i.e. a known fire load 
density), Chapter VI extends the scope of the dissertation to uncertain fire 
load densities and explicitly takes into account the probability of a fully 
developed fire. Furthermore, while Chapters III to V are related to reliability-
based decision making, Chapter VI moves the discussion into the realm of 
risk-based decision making by taking into account the costs associated with 
failure.  
Finally, a last chapter, Chapter VII, gives an overview of the main 
conclusions and results, and provides suggestions for further research. 
The sequence of chapters is rather straightforward, as every chapter to some 
extent applies the results obtained in earlier chapters. However, this does not 
imply that the chapters cannot be read separately. On the contrary, it suffices 
to accept that certain aspects have been elaborated in detail in previous 
chapters. For example, when considering the section on cost-optimization in 
Chapter VI, failure probabilities during fire exposure and post-fire residual 
load-bearing capacities are used as input data. These aspects are elaborated in 
Chapter III and IV respectively, but knowledge of the calculation  
methodologies is in principle not required for understanding the principles 
and calculations related to cost-optimization for structural fire safety. 
CHAPTER II: 
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II.1. Introduction 
As a prerequisite for achieving the objectives of the research project, a large 
number of calculation tools has been developed which allows for detailed, 
efficient and transparent calculations. While the first versions of some tools 
originated in an Excel-VBA environment, the latest versions of all tools are 
elaborated in Matlab. 
 
The in-house development of calculation tools has many important benefits: 
the straightforward implementation of uncertainty modelling, the 
compatibility of different models, the possibility to (easily) model the 
mechanical behavior in full-accordance with EN 1992-1-2, the avoidance of a 
black-box phenomenon… Furthermore, using own calculation codes allows 
for a very detailed investigation in case of unexpected results, i.e. any 
possible intermediate calculation can be studied and verified in detail. 
Finally, the process of developing these tools greatly contributes to the 
fundamental understanding of the studied phenomena by the developer. 
 
Many of the developed tools are of no specific importance for the further 
chapters, e.g. a computationally efficient tool which evaluates thousands of 
limit state functions using the Rackwitz-Fiessler algorithm does not result in 
different results compared to an application of the same algorithm using 
commercial software or even manual calculations. However, two basic tools 
which together constitute the numerical backbone of the further chapters 
should be introduced in some detail: the thermal calculation tool, and the 
moment-curvature calculation tool. 
II.2. Thermal calculation tool 
As discussed in I.3.1. structural fire calculations start from a time-dependent 
gas temperature θg in the compartment. This gas temperature may be 
analytically prescribed in case of standard fire curves, or may take into 
account the fire characteristics of the compartment in case of a parametric (or 
natural) fire curve. These parametric fire curves are discussed in more detail 
in Chapter V. Alternatively, it is possible to determine θg through 
computational fluid dynamics. However, for this last option the effect of 
modelling assumptions should be considered to be very large, see e.g. (Rein 
et al., 2009). 
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The temperature distribution in a concrete cross-section associated with a 
given θg can be determined by evaluating the differential equations for 
radiation, convection and conduction (Welty et al., 2001). To this end a 
thermal calculation tool is developed which numerically solves the 
differential equations by forward integration, using a time-discretization of 
0.1 seconds (0.01 seconds in case of hydro-thermal calculations) and a cross-
section discretization of 1 mm². The concept of forward integration implies 
that the temperature distribution at time t + ∆t in a specific mesh element is 
based on the temperature of this element at time t, the heat transfer between 
this element and adjacent mesh elements in the time interval ∆t, and the 
(temperature-dependent) heat capacity of the element. During the time 
interval ∆t the temperature in all elements is considered to be constant and 
equal to the temperature at time t. The stability and precision of this method 
is dependent on the size of ∆t. For the considered situation of concrete 
thermal calculations, the chosen value of ∆t = 0.1 seconds gives convergence, 
i.e. a smaller time-step does not significantly influence the results (but only 
results in much higher computational requirements). 
 
For mesh elements in the interior of the cross-section heat transfer is 
governed by conduction. Elements situated at the outer limits of the cross-
section are subjected to a boundary condition. Possible boundary conditions 
are for example exposure to the hot gas temperature θg, cooling by 
conduction to surrounding material, cooling by convection to ambient air, or 
an adiabatic boundary where no heat transfer occurs (perfect insulation, or 
when considering a symmetry line). When the boundary condition is 
exposure to the hot gasses θg or cooling to ambient air, a convection 
coefficient αc and emissivity factor ε are considered in accordance with EN 
1992-1-2 (CEN, 2004b). The reinforcement is assumed not to influence the 
temperature calculations, and consequently the reinforcement temperature is 
considered equal to the temperature of the concrete at the reinforcement axis 
position. This assumption is in accordance with EN 1992-1-2, and is a 
standard assumption in structural fire calculations, see for example (Kodur & 
Dwaikat, 2008) and (Buchanan, 2001). A modification of the calculation tool 
in order to explicitly consider the influence of the reinforcement is possible, 
but this is not considered further as this would result in a deviation from 
current design methodologies. 
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Figure II.1 visualizes the temperature-distribution obtained for a concrete 
slab with a thickness of 200 mm, exposed to the ISO 834 standard fire at the 
bottom side and cooled by convection at the top of the slab. The boundary 
conditions on the left and right side of the simulation mesh are adiabatic as 
the slab is considered to have an adequate width to neglect the cooling effects 
of the surrounding structure, and consequently, the obtained temperature 
distribution is one-dimensional. 
 
Figure II.1: Temperature distribution for different fire durations tE, for a 200 
mm concrete slab exposed to the ISO 834 standard fire at the bottom side. 
 
Figure II.2 visualizes the temperature distribution in a square concrete 
column with width 300 mm after 90 minutes of exposure to the hydrocarbon 
standard fire. Note that the minimum temperature in Figure II.2 is 110°C, 
situated at the very center of the cross-section. These results have been 
validated with the Eurocode tabulated graphs and with commercial finite 
element calculations, see e.g. (Wang et al., 2015). As the Eurocode material 
properties are fully implemented in the newly developed tool, the obtained 
results match the Eurocode tabulated graphs more closely than in some more 
complex commercial packages where the implementation of the Eurocode 
models is often difficult. 
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Figure II.2: Temperature distribution at tE = 90 min for a 300 mm square 
concrete column exposed to the hydrocarbon standard fire at all four sides. 
 
As a point of interest, the thermal calculation tool has been adapted further 
for hydro-thermal calculations, based on the model presented in (Dwaikat & 
Kodur, 2009). These hydro-thermal calculations allow to assess the 
vaporization of water in the concrete and the associated build-up of pore-
pressure. These phenomena are however only important when considering 
spalling: the (explosive) delamination of the outer concrete during fire, as 
further discussed at the end of Chapter III. 
II.3. Moment-curvature calculation tool 
The structural behavior during fire of the concrete cross-section is modeled 
using a second numerical calculation tool. As the original field of application 
has been to calculate the moment-curvature diagram of concrete slabs and 
beams during fire and subjected to pure bending, this tool is referred to as the 
‘moment-curvature’ calculation tool, or M-χ-tool. The basic assumptions 
which form the basis of the model are: 
1. Plane sections remain plane 
2. Bond-slip between concrete and the reinforcement is neglected 
3. Spalling is neglected 
4. Tensile strength of concrete is neglected 
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In the M-χ-tool, the strain and stress distribution in the cross-section are 
determined based on equation (II.1), as discussed earlier in Chapter I, for a 
given fire exposure, a given axial force N, and a given curvature of the cross-
section χ. Using a discretization of the cross-section in square elements with 
width 1 mm, the local temperature, strain, stress and force contributions are 
evaluated for every single element, and the total cross-section behavior is 
evaluated by integrating the results across all elements. Figure II.3 shows the 
concept of the discretization for a beam, while Figure II.4 illustrates the 
concept of the strain and force calculation for a solid slab. Figure II.5 
visualizes cross-sectional results for a concrete lining with thickness 350 mm, 
symmetrical upper and lower reinforcement layers, exposed to the 
hydrocarbon increased fire. Details of the lining configuration are given 
further in Table III.10. 




Figure II.3: Model concepts: cross-sectional details and discretization of the 
cross-section. 
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Figure II.4: Model concepts: total strain diagram (plane section remains 




Figure II.5: Model results for the strain distributions for N = 0 and M = 0: 
thermal strain diagram, total strain diagram, mechanical strain diagram and 
associated force diagram for a concrete slab, at 60 min hydrocarbon-
increased standard fire. 
 
In literature similar models exist and the basic concept of the model can be 
considered as well established, see for example (Kodur & Dwaikat, 2008), 
(Caldas et al., 2010), and (Meda et al., 2002). 
The obtained force diagram determines the moment M and normal force N in 
the cross-section for a given central fiber strain εG and curvature χ, or vice 
versa. Evaluating the model for a large number of input variables, a time- and 
N-dependent moment-curvature diagram can be obtained, as visualized in 
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Figure II.6, for a concrete lining of 350 mm thickness, at 120 minutes of 
exposure to the hydrocarbon-increased standard fire, and for different 
normalized normal force ratios n = N / (fck·b·h). Although the slab cross-
section underlying Figure II.6 is symmetrically reinforced, the moment-
curvature diagram during fire is not symmetrical and only passes through the 
origin for specific values of n (here n = 0.566). This effect is discussed in 
detail further in Chapter III when evaluating the reliability of concrete 
elements subjected to a combination of bending moments and normal forces. 
Note that the maximum bending moment is higher for n = 0.566 than both for 
n = 0.2 and n = 0.8. This is because for small n-values part of the cross-
section is in tension and thus does not contribute to the calculation, while for 
large n-values the entire cross-section is fully mobilized by the normal force 
and less capacity remains for adding additional compressive forces as part of 
a moment. These effects are observed for any cross-section subjected to a 
combination of bending and normal forces, and for the specific cross-section 
considered in Figure II.6, the interaction diagram during fire exposure is 
given further in Figure III.45. 
 
Figure II.6: Moment curvature diagram for a concrete slab of 350 mm 
thickness, at 120 minutes of exposure to the hydrocarbon-increased standard 
fire, for different normalized normal force n.  
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The obtained moment-curvature diagrams allow to determine the strength 
and displacement during fire of single concrete elements. Specifically, the 
curvature determined by the M-χ tool can be integrated along the length of a 
beam, slab, or column to determine the deflection during fire exposure. 
Consequently, the calculation tool can be elaborated to incorporate second 
order effects, as has been done in (Wang et al., 2015). 
The presented tool has played a central role in the research project. An early 
version has been discussed in detail in (Van Coile et al., 2013c) and an 
updated version in (Van Coile et al., 2014c). This latter version has been 
expanded to incorporate fiber reinforced polymer reinforcement, and has 
subsequently been validated through comparison with the results of large 
scale fire tests at Ghent University by Palmieri (2013) in his doctoral 
dissertation on the fire performance of concrete elements strengthened with 
near-surface-mounted reinforcement. Furthermore, Wang et al. (2015) have 
made another adaptation in order to evaluate second order effects in concrete 
columns. In the framework of this second research topic another validation 
with international test results has been performed, as discussed in (Wang et 
al., 2015). Furthermore, as the basic concepts of the model are very similar to 
those of similar numerical models described in literature, the validations 
performed for example by Kodur & Dwaikat (2008), should be considered as 
further strengthening the validity of the presented calculation tool. 
II.4. Conclusions 
In this short chapter two basic calculation tools have been introduced which 
together constitute the numerical backbone of the dissertation: the thermal 
calculation tool, and the moment-curvature calculation tool. The thermal 
calculation tool is based on a discretization of both the cross-section and 
time, and determines the temperature distribution inside the concrete cross-
section as a function of the considered boundary conditions and temperature-
dependent material properties. The moment-curvature calculation tool is 
based on classical beam theory and evaluates combinations of a bending 
moment M and a normal force N, as a function of the curvature χ and center 
of gravity strain εG. This second tool is very flexible and can for example be 
used to evaluate the performance of columns subjected to pure compression. 
However, the designated name corresponds to its original field of application, 
i.e. determining the moment-curvature diagram of slabs and beams for pure 
bending. 
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III.1. Introduction 
In this third chapter the reliability of concrete elements during fire exposure 
is investigated. Although the current prescriptive design rules of EN 1992-1-
2 (CEN, 2004b) use a semi-probabilistic format, neither the actual safety 
level βfi,tE obtained during fire nor the target reliability index βt,fi are known. 
Considering the present trend towards performance based design and fire 
safety engineering, both unknowns should be determined as in the absence of 
explicit performance criteria equivalent performance with the prescriptive 
design solutions is required. 
The performance based design concept is elaborated further in Chapter V 
where the topic of target reliabilities is presented together with other 
considerations for performance-based design. The current chapter focusses 
directly on the calculation of the reliability index βfi,tE during fire: first slabs 
and beams subjected to pure bending are investigated in section 2, 
subsequently beams, linings and columns subjected to both bending and 
normal forces are investigated in section 3. Finally, section 4 briefly treats the 
phenomenon of spalling, i.e. the (explosive) delamination of concrete during 
fire. Clearly, spalling can have an important effect on the safety level of 
concrete elements during fire exposure. However, the current methods for 
modelling spalling are not yet developed to a satisfactory level. As spalling 
can be neglected according to EN 1992-1-2 when satisfying a set of boundary 
conditions or when applying appropriate mitigation measures, the results 
presented in the first sections should be considered to govern when 
appropriate measures have been taken to avoid spalling. 
III.2. Structural reliability of beams and slabs 
subjected to pure bending 
III.2.1. Introduction and calculation method 
As mentioned in the introductory chapter, Chapter I, the safety level of a 
structure quantifies the quality of the structure with respect to the specific 
adverse behavior defined by the limit state function Z. Therefore, the 
obtained reliability index should not be considered as a physical property, but 
rather as a quality-indicator given imperfect knowledge (Ditlevsen & 
Madsen, 1996). Here, the adverse behavior investigated is the inability of the 
structure to maintain its stability, i.e. when the load effect E exceeds the 
resistance effect R. Consequently, for structural elements exposed to pure 
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bending during fire, the ultimate limit state function Z can most often be 
written as  
 
( ), ,R R fi tE E G QZ K M K M M= − +  (III.1) 
 
with KR the model uncertainty for the resistance effect, MR,fi,tE the bending 
moment capacity at tE minutes of fire exposure, KE the model uncertainty for 
the load effect, MG the bending moment induced by the permanent load and 
MQ the bending moment induced by the imposed (or variable) load. 
 
As indicated in (III.1) MG and MQ are assumed not to be affected by fire. 
Consequently, the load effect during fire is determined by the load effect in 
normal design conditions. For concrete elements subjected to pure bending, 
the maximum load in normal design conditions is governed by: 
  
Ed RdM M≤  (III.2) 
 
with MRd the design value of the bending moment capacity, and MEd the 
design value of the bending moment induced by the design loads (CEN, 
2004a). 
For concrete slabs without prestressing and subjected to self-weight and a 
single variable load only, MEd can be calculated by (III.3) for a statically 
determinate design (CEN, 2002a). 




with γG the partial factor for the permanent load, MGk the bending moment 
induced by the characteristic value of the permanent load, ξ a reduction factor 
for unfavorable permanent loads, γQ the partial factor for the variable load, 
MQk the bending moment induced by the characteristic value of the variable 
load and ψ0 a combination factor. 
 
For a concrete slab with only one variable load effect qk, the ratio χ of the 
variable load effect to the total load effect qk + gk can be defined by: 
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The assumption of MRd = MEd generalizes the methodology and allows to 
assess the intrinsic safety level of the concrete slab without making further 
assumptions with respect to the specific load conditions. Furthermore, 
situations with MEd > MRd are unacceptable from the design perspective of the 
Eurocodes and situations where MEd < MRd correspond with an incomplete 
use of the available resistance. 
 
For a given slab configuration (III.5) defines MGk as a function of the load 
ratio χ in case of a design at 20°C. In this manner the load effect and the 
probability of failure of a cross-section are defined irrespective of the actual 
span covered by the element and without necessitating assumptions with 
respect to for example the use of the structure. 
 
Note that due to the thermal elongation of the cross-section (see section 
I.3.3), a situation of pure bending assumes a free longitudinal expansion of 
the element. Furthermore, for these situations the failure probability with 
respect to the positive bending moment capacity (‘field moment’) can be 
evaluated separately from the failure probability with respect to the negative 
bending capacity (‘hogging moment’). 
 
Evaluating the probability of failure associated with (III.1) requires 
knowledge of the distribution of MR,fi,tE. For a single deterministic slab 
configuration, the positive bending moment capacity MR,fi,tE,pos is evaluated as 
the maximum of the moment-curvature diagram. The negative bending 
capacity MR,fi,tE,neg is defined as the minimum of the moment-curvature 
diagram (see Figure III.1). Note that these points may coincide with large 
curvatures. However, since we are interested in the ultimate limit state the 
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large deformations associated with these large curvatures are of no direct 
interest. 
 
Figure III.1: Definition of MR,fi,tE,pos and MR,fi,tE,neg as the maximum and 
minimum moment in the M-χ-diagram. 
 
Naturally, MR,fi,tE,pos and MR,fi,tE,neg can be evaluated for a given slab or beam 
configuration using the moment-curvature calculation tool (M-χ-tool) 
described in Chapter II. This M-χ-tool can be applied for any chosen standard 
or parametric fire curve by using temperature profiles calculated with the 
thermal calculation tool (Chapter II) as input data. In the remainder of this 
chapter the ISO 834 standard fire will be applied as it is the most common 
standard fire curve. Applications with other fire curves and the evaluation of 
equivalent ISO 834 fire durations are discussed in Chapter V. 
III.2.2. The distribution of the bending moment capacity during 
fire 
The distributions of KR, KE, MQ and MG are adequately described by literature 
data (see further in Table III.4). As the distribution of MR,fi,tE is in principle 
not known, crude Monte Carlo simulations using the M-χ-tool can be applied 
to evaluate the failure probability Pf associated with the limit state function 
(III.1). However, Monte Carlo simulations can be very time-consuming and 
an application of more efficient approximate methods as for example FORM 
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(Hasofer & Lind, 1974) would be preferable to allow for reasonably fast 
calculations. This implies that the distribution of MR,fi,tE has to be described, 
which can be done by comparing a histogram of MR,fi,tE obtained through 
Monte Carlo simulations with theoretical distribution functions. 
III.2.2.1 The mixed-lognormal distribution for a more precise assessment 
of the positive bending moment capacity of slabs and beams 
subjected to pure bending 
III.2.2.1.1 Simply reinforced slab 
As an application example, the moment capacity of the simply reinforced 
slab configuration presented in Table III.1 is evaluated using 10000 Monte 
Carlo simulations with the numerical M-χ-tool. This slab configuration of 
Table III.1 will further be denoted ‘slab type A’, and the layout of this slab 
cross-section is illustrated in Figure III.2. 
 
Table III.1: Probabilistic models for basic variables in slab type A 
Property Distribution Dimension Mean µ CoV V 
MRd DET kNm 50.9 - 
fc,20°C  
(fck = 30 MPa) 
LN 
 
MPa 42.9 0.15 
fy,20°C  
(fyk = 500 MPa) 
LN MPa 581.4 0.07 













see Chapter I 
c Beta[µ±3σ] mm 35 0.14 
(σc = 5 mm) 
h DET mm 200 - 
As1 N mm² As1,nom 0.02 
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Figure III.2: Cross-section layout for slab type A 
 
Earlier calculations have indicated that the variability of the slab thickness 
can be neglected, see (Van Coile et al., 2010). This assumption simplifies the 
calculations with the moment-curvature calculation tool, and is validated in 
the parametric study executed in section III.2.4.2.  
 
Note that the temperature distribution inside the cross-section – for a given 
gas temperature θg – is deterministic, i.e. no variability is considered for the 
parameters of the thermal calculation tool presented in Chapter II. This 
assumption allows for a straightforward evaluation of the safety level 
inherently associated with the Eurocode design rules and avoids further 
assumptions with respect to the variability of for example the convection 
coefficient and the emissivity of the concrete surface. A deterministic 
evaluation of the temperature distribution has been chosen as the uncertainty 
associated with the thermal parameters is not well defined in literature, 
contrary to the  situation for the parameters in Table III.1 (with the exception 
of the reduction factors kfyc(θ) and kfy(θ)),. Furthermore, the convection 
coefficient is in principle dependent on the considered situation, resulting in a 
loss of generality for the results. Therefore, the results presented further 
should be considered as results obtained within a reference-frame for the 
temperature calculations in accordance with EN 1992-1-2. 
 
The nominal bottom reinforcement area As1,nom is for this example considered 
to be defined by a nominal reinforcement diameter Ø equal to 10 mm and a 
horizontal spacing s of the reinforcement bars equal to 100 mm. Considering 
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The concrete compressive strength and reinforcement yield stress reduction 


























The nominal values for kfc and kfy are taken in accordance with EN 1992-1-2 
(CEN, 2004b). The uncertainty with respect to these reduction factors is 
incorporated by modeling kfc and kfy through a Beta distribution bounded by 
three times the standard deviation, as introduced in Chapter I (see Figure I.2 
and Figure I.3). 
 
Since the configuration in Table III.1 has only bottom reinforcement (and the 
tensile strength of concrete is neglected in the M-χ-tool), only a positive 
bending moment MR,fi,tE,pos is relevant for this specific case. A visualization of 
the histogram obtained for MR,fi,tE,pos in case of the slab corresponding to 
Table III.1 at different ISO 834 fire durations is presented in Figure III.3, 
together with a lognormal approximation. 
 
Although a lognormal approximation is very common for describing the 
resistance effect (Torrent, 1978), it is clear from Figure III.3 that a lognormal 
distribution is not appropriate during fire as a large fraction of the simulated 
slabs has a much lower bending capacity than expected by the lognormal 
approximation. Investigating the slabs with a low bending capacity reveals 
these are the slabs with a small realization of the concrete cover. Due to this 
small concrete cover, the heating of the reinforcement bars occurs faster and 
the bending capacity of the element degenerates quickly. Consequently, it is 
hypothesized that the combination of slabs having a small realization of the 
concrete cover with slabs having an intermediate or large realization of the 
concrete cover results in the breaking-up of the lognormal distribution during 
fire exposure, introducing deviations from the initial lognormal distribution at 
0 minutes of fire exposure. If this hypothesis is correct, Monte Carlo 
simulations with σcover = 0 should maintain the lognormal distribution during 
fire exposure. This is confirmed in Figure III.4. 
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Figure III.3: Observed histogram ‘A’ of MR,fi,tE,pos for different ISO 834 
durations tE and lognormal approximation ‘LN’, for slab type A. 
 
Figure III.4: Observed histogram ‘A’ of MR,fi,tE,pos for different ISO 834 
durations tE and lognormal approximation ‘LN’ (slab of Table III.1, with σc = 
0 mm instead of 5 mm)  
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Since the bending capacity for a fixed concrete cover MR,fi,tE,pos(c) can be 
described by a lognormal distribution, the overall distribution of MR,fi,tE,pos can 
be written as: 
 
( ) ( )
, , , ,
b
R fi tE c R fi tE
a
M f c M c dc= ∫  (III.9) 
 
with a and b the lower and upper limit of the Beta-distribution describing the 
concrete cover (Table III.1) and fc(c) the probability density function of the 
concrete cover. 
 
Discretizing (III.9) for numerical evaluation gives: 
 
[ ] ( )
, , , ,R fi tE i R fi tE i
i
M P c M c= ∑  (III.10) 
 
with P[ci] the probability of occurrence of a concrete cover in an interval 
around ci: 
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with ∆c the chosen interval width of the discretization. 
 
The distribution of MR,fi,tE defined by (III.10) is known in literature as a 
mixed lognormal distribution and is often used in financial studies and for 
modelling physical data, see for example (Ho & Carriere, 1994), (Leisen, 
2004) and (Suhaila et al. 2011). 
 
Both ∆c and the interval mean ci are dependent on the number of intervals 
chosen for the discretization of the concrete cover PDF. Alternatively, the 
number of intervals can be defined by choosing the interval width ∆c. This 
concept of discretizing the concrete cover PDF is illustrated in Figure III.5. 
 
The approximation of MR,fi,tE,pos obtained with the proposed mixed-lognormal 
approximation (III.10) is visualized in Figure III.6, with ∆c = 2 mm (i.e. 
dividing fc(c) in 15 sections). 
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Figure III.5: Discretization of the concrete cover probability density function. 
(µc = 35 mm, σc = 5 mm, ∆c = 2 mm, cmin = 20 mm, cmax = 50 mm) 
 
Figure III.6: Observed histogram ‘A’ of MR,fi,tE,pos for different ISO 834 
durations tE and mixed-lognormal approximation ‘Mixed LN’ according to 
(III.10), slab type A. 
Chapter III: Structural fire safety for design of concrete elements 40 
Clearly, the mixed-lognormal proposal gives an excellent approximation of 
the observed histogram. The difference with the traditional lognormal 
approximation is even more pronounced for more extreme cases, for example 
when µc = 15 mm, as visualized in Figure III.7. For these extreme cases, the 
inappropriateness of the lognormal approximation is obvious. 
 
Computational simplification for determining the parameters of the mixed-
lognormal distribution for a simply reinforced slab have been presented in 
Appendix A, allowing for a fast and simple analytical calculation of the 
mixed-lognormal approximation describing MR,fi,tE,pos. 
III.2.2.1.2 Doubly reinforced slab 
Similar considerations result in a mixed-lognormal approximation for the 
distribution of the bending moment capacity for doubly reinforced slabs. In 
case of a slab exposed to fire from the bottom side only, equation (III.10) can 
be applied with MR,fi,t(ci) a lognormal approximation for a fixed bottom 
concrete cover ci, i.e. the variability of the top concrete cover is incorporated 
in the lognormal approximation while considering a single deterministic 
bottom cover. 
 
Results (PDF and CDF) are visualized in Figure III.8 and Figure III.9 for the 
slab configuration of Table III.1, where the nominal top reinforcement and 
concrete cover are the same as for the bottom reinforcement (i.e. 
symmetrically reinforced cross-section; MRd = 52.5 kNm), with σc = 10 mm. 
This basic slab configuration will further be denoted as ‘slab type B’. Again 
it is clear that the traditional lognormal approximation is not capable of 
describing the distribution of the bending capacity during fire exposure, 
while the mixed-lognormal distribution gives a very good approximation of 
the Monte Carlo simulations. 
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Figure III.7: Observed histogram ‘A’ of MR,fi,tE,pos for different ISO 834 
durations tE, lognormal approximation ‘LN’ and mixed-lognormal 
approximation ‘Mixed LN’, (slab type A with µc = 15 mm) 
 
Figure III.8: Observed histogram ‘A’ of MR,fi,tE,pos for different ISO 834 
durations tE, lognormal approximation ‘LN’ and mixed-lognormal 
approximation ‘Mixed LN’, slab type B. 
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Figure III.9: Observed Cumulative Distribution Function ‘A’ of MR,fi,tE,pos for 
different ISO 834 durations tE, lognormal approximation ‘LN’ and mixed-
lognormal approximation ‘Mixed LN’, slab type B. 
III.2.2.1.3 Beams 
The concept of the mixed-lognormal distribution is applicable to beams 
subjected to pure bending as well. Figure III.10 to Figure III.12 visualize the 
lognormal and mixed-lognormal approximations for the simply reinforced 
beam of Table III.2 (beam type A) and the double reinforced beam of Table 
III.3 (beam type B). The mixed-lognormal approximations in these Figures 
have been obtained through Latin Hypercube sampling, as elaborated in 
Appendix B, while the lognormal approximation used the actual Monte Carlo 
simulations for the parameter estimation. 
 
In Table III.2 As1 is considered to be composed of three bars with Ø20 mm, 
i.e. As,nom = 942.5 mm². For beam type B, both As1 and As2 consist of two 
reinforcement bars of 20 mm diameter (i.e. symmetrically reinforced cross-
section), i.e. As,nom = 628.3 mm². This implies that only corner reinforcement 
bars are used, which are subjected to both the variability of the concrete 
cover with respect to the bottom and with respect to the sides of the beam. 
Consequently, the mixed-lognormal approximation focusing on the vertical 
concrete cover is less beneficial compared to the previous examples (see 
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Figure III.12). However, for 60 minutes of exposure, the mixed-lognormal 
approximation is still clearly superior to a lognormal approximation. This 
conclusion becomes more pronounced when considering σc = 10 mm. 
 
Table III.2: Probabilistic models for basic variables in case of beam type A 
Property Distribution Dimension Mean µ CoV V 
MRd DET kNm 84.8 - 
fc,20°C  
(fck = 40 Mpa) 
LN 
 
MPa 57.1 0.15 
fy,20°C  
(fyk = 500 MPa) 
LN MPa 581.4 0.07 













see Chapter I 
c1 Beta[µ±3σ] mm 25 0.2 
(σc = 5 mm) 
ch Beta[µ±3σ] mm 35 0.14 
(σc = 5 mm) 
h DET mm 300 - 
b DET mm 160 - 
As1 N mm² As,nom 0.02 
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Figure III.10: Observed histogram ‘A’ of MR,fi,tE,pos for different ISO 834 
durations tE, lognormal approximation ‘LN’ and mixed-lognormal 
approximation ‘Mixed LN’, beam type A. 
 
Figure III.11: Observed Cumulative Density Function ‘A’ of MR,fi,tE,pos for 
different ISO 834 durations tE, lognormal approximation ‘LN’ and mixed-
lognormal approximation ‘Mixed LN’, beam type A. 
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Table III.3: Probabilistic models for basic variables in case of beam type B 
Property Distr. Dim. Mean µ CoV V 
MRd DET kNm 64.9 - 
fc,20°C  
(fck = 40 Mpa) 
LN 
 
MPa 57.1 0.15 
fy,20°C  
(fyk = 500 MPa) 
LN MPa 581.4 0.07 













see Chapter I 
c1 Beta[µ±3σ] mm 25 0.2 
(σc = 5 mm) 
c2 Beta[µ±3σ] mm 25 0.2 
(σc = 5 mm) 
ch Beta[µ±3σ] mm 35 0.14 
(σc = 5 mm) 
h DET mm 300 - 
b DET mm 160 - 
As1 N mm² As,nom 0.02 
As2 N mm² As,nom 0.02 
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Figure III.12: Observed cumulative density function ‘A’ of MR,fi,tE,pos for 
different ISO 834 durations tE, lognormal approximation ‘LN’ and mixed-
lognormal approximation ‘Mixed LN’, beam type B.  
III.2.2.2 The traditional lognormal distribution as a good approximation 
for the negative (hogging) bending capacity of slabs and beams 
subjected to pure bending 
For hogging moments a different situation occurs as the concrete 
compressive zone is now directly exposed to the fire, while the tensile 
reinforcement is less heated (in case of fire exerted below the beam/slab). 
Therefore, the reinforcement temperature is no longer dominating as is the 
case when considering field moments. 
 
In order to investigate the distribution of the hogging bending moment 
capacity during fire, Monte Carlo simulations are performed for the slab and 
beam configurations described above. 
 
Figure III.13 and Figure III.14 visualize the results for slab type A (Table 
III.1), where the single reinforcement layer is repositioned to the top of the 
slab. The observed histogram (‘A’) for pure bending indicates an excellent 
agreement with the traditional lognormal approximation (‘LN’). 
Alternatively, a Weibull approximation may be used, but this approximation 
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is clearly much less appropriate for describing the probabilities for a small 
hogging capacity, as shown in Figure III.14. Results for beam type B are 
given in Figure III.15 and Figure III.16. Although beam type B has a 
symmetrical reinforcement, the observed distribution for MR,fi,tE,neg differs 
from the distribution for MR,fi,tE,pos given earlier in Figure III.12. This 
difference is easily explained by considering that in Figure III.16 the concrete 
compressive zone is directly exposed to the fire, while in Figure III.12 the 
heating of the tensile reinforcement is more pronounced. Similar graphs are 
obtained for slab type B and beam type A. 
 
Figure III.13: Observed histogram ‘A’ of MR,fi,tE,neg for different ISO 834 
durations tE, lognormal approximation ‘LN’ and Weibull approximation 
‘Weibull’, (slab type A with same amount of top reinforcement As2 instead of 
bottom reinforcement As1) 
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Figure III.14: Observed cumulative density function ‘A’ of MR,fi,tE,neg for 
different ISO 834 durations tE, lognormal approximation ‘LN’ and Weibull 
approximation ‘Weibull’, (slab type A with same amount of top 
reinforcement As2 instead of bottom reinforcement As1) 
 
Figure III.15: Observed histogram ‘A’ of MR,fi,tE,neg for different ISO 834 
durations tE, lognormal approximation ‘LN’ and Weibull approximation 
‘Weibull’, (beam type B) 
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Figure III.16: Observed cumulative density function ‘A’ of MR,fi,tE,neg for 
different ISO 834 durations tE, lognormal approximation ‘LN’ and Weibull 
approximation ‘Weibull’, (beam type B) 
III.2.3. Reliability index during fire for elements subjected to pure 
bending 
As the distributions describing MR,fi,tE have been determined, the limit state 
function (III.1) can be evaluated using FORM or using Monte Carlo 
simulations with improved efficiency. The probabilistic models describing 
the model uncertainties and the load variables are given in Table III.4, based 
on (Holický and Sýkora, 2010) and (JCSS, 2007), with χ the load ratio as 
defined by (III.4) and MGk as defined by (III.5). 
 
Table III.4: Probabilistic models for model uncertainties and load variables 
Property Distribution Dimension Mean µ CoV V 
KR LN - 1.1 0.1 
KE LN - 1.0 0.1 
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While reliability calculations for normal design situations are generally 
performed using a Gumbel distribution with a 50-year reference period, the 
Gumbel distribution for the imposed load Q in Table III.4 refers to a 5-year 
reference period, i.e. Q5 instead of Q50. Where failure during normal design 
conditions can be related to the maximum imposed load during the lifetime of 
the structure, the probability of fire-induced failure should be associated with 
the imposed load coinciding with the fire event. The variation of the 
sustained imposed load through time can be modeled by a non-intermittent 
rectangular wave process (Sýkora, 2005). If the average time between 
renewals is assumed to be 5-years, a 5-year Gumbel distribution is acceptable 
for modelling the imposed load coinciding with the fire event. 
III.2.3.1 Reliability index for a cross-section subjected to positive bending 
moments 
Results describing βfi,tE for slab type A are presented in Figure III.17 (load 
ratio χ = 0.5), calculated with the observed histogram (‘A’), the lognormal 
approximation of the bending moment capacity (‘LN’) and the mixed-
lognormal approximation (‘Mixed LN’). Note that the lognormal 
approximation has an advantageous starting position as it uses the mean 
value and standard deviation of the observed histogram ‘A’ as input data 
whereas the mixed-lognormal approximation does not. The observed 
histogram and approximations ‘LN’ and ‘Mixed LN’ have been visualized 
above in Figure III.6 and Figure III.7. In order not to introduce additional 
deviations between the results for ‘A’ and for the approximating 
distributions, all reliability indices βfi,tE in Figure III.17 have been calculated 
through crude Monte Carlo simulations. Note that the reliability index at 0 
minutes of fire exposure is close to 4.5. This result is significantly larger than 
the target of 3.8 in EN 1990 due to the 5-year reference period considered for 
the imposed load effect Q.  
 
While the lognormal approximation overestimates the reliability during fire, 
the reliability calculated using a mixed-lognormal approximation gives an 
excellent agreement with the reliability calculated in case of the observed 
histogram. Similar results are obtained for the symmetrically reinforced slab 
type B (Figure III.18). 
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Figure III.17: βfi,tE for slab type A with µc = 15 mm (anom = 20 mm) and µc = 
35 mm (anom = 40 mm), σc = 5 mm, calculated with the histogram ‘A’, the 
lognormal ‘LN’ and mixed-lognormal approximation ‘Mixed LN’, χ = 0.5. 
 
Figure III.18: βfi,tE for slab type B with σc = 5 mm and σc = 10 mm (µc = 35 
mm or anom = 40 mm), calculated with the histogram ‘A’, the lognormal ‘LN’ 
and mixed-lognormal approximation ‘Mixed LN’, χ = 0.5. 
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According to the results visualized in Figure III.17 and Figure III.18 the 
mixed-lognormal approximation is necessary for cases with a large concrete 
cover standard deviation σc or a high σc / µc ratio. 
 
The reliability indices during fire for beam types A and B are calculated with 
the same stochastic models of Table III.4. Good results are obtained for both 
approximations, with slightly better agreement with the crude Monte Carlo 
simulations ‘A’ in case of the mixed-lognormal approximation (as visualized 
in Figure III.19 for beam type A). However, when considering an increased 
variability of the concrete cover, for example σc = 10 mm for beam type A, 
the mixed-lognormal approximation is clearly superior to the traditional 
lognormal approximation (Figure III.20). A similar but less pronounced 
observation is made in Figure III.21 when considering beam type B with µc = 
15 mm instead of 25 mm (maintaining σc = 5 mm), where the mixed-
lognormal approximation gives slightly better results for reasonable fire 
exposures from 30 to 90 minutes ISO 834.  
 
Figure III.19: βfi,tE for beam type A (µc = 25 mm, σc = 5 mm), calculated with 
the observed histogram ‘A’, the lognormal approximation ‘LN’ and mixed-
lognormal approximation ‘Mixed LN’, for different χ-values. 
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Figure III.20: βfi,tE for beam type A (µc = 25 mm, σc = 10 mm), calculated 
with the observed histogram ‘A’, the lognormal approximation ‘LN’ and 
mixed-lognormal approximation ‘Mixed LN’, for different χ-values. 
 
Figure III.21: βfi,tE for beam type B (µc = 15 mm, σc = 5 mm), calculated with 
the observed histogram ‘A’, the lognormal approximation ‘LN’ and mixed-
lognormal approximation ‘Mixed LN’, for different χ-values. 
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III.2.3.2 Reliability index for a cross-section subjected to negative 
bending moments 
The reliability index βfi,tE associated with the hogging bending moment 
capacity is calculated using the basic limit state function given by (III.1) and 
the probabilistic models given in Table III.4, while assuming MRd = MEd for 
normal design conditions (i.e. applying (III.5) for the definition of MGk). 
 
Results for slab type A are given below in Figure III.22. Figure III.23 
visualizes βfi,tE for beam type B with µ c = 15 mm instead of 25 mm (µc = 15 
mm is considered for compatibility with the field moment reliability index of 
Figure III.21). The reliability index during fire is found to be fundamentally 
different for slabs and beams. As slabs are exposed to fire from the bottom 
side only and a unit width is considered, the reduction of the concrete 
compressive strength only slowly affects the reliability index because an 
adequate amount of cooler concrete remains inside the slab. Consequently, 
only the lever arm is reduced while the temperature increase of the 
reinforcement at the unexposed side remains relatively small. For beams on 
the other hand the heating of the concrete compressive zone has a direct 
impact on the bending capacity as the heating occurs from three sides and 
consequently, the lever arm is decreasing fast. Furthermore, the top 
reinforcement layer is heated due to this sideways fire exposure. 
Nevertheless, comparing Figure III.21 (field moment reliability index) and 
Figure III.23 (hogging moment reliability index) it is clear that the reduction 
of the reliability index is more gradual for the hogging moment capacity. 
 
Furthermore, the visualizations below confirm the appropriateness of the 
lognormal approximation for reliability calculations. Consequently, the 
lognormal approximation is accepted for reliability calculations for the 
hogging moment (pure bending). This is very important as it allows for a 
very significant reduction in the number of calculations and for the 
application of alternative methods as for example FORM (see Chapter I), as 
applied in Figure III.24. 
 
According to Figure III.22, the load ratio χ is found to have a strong impact 
on the reliability index. Therefore, Figure III.24 illustrates βfi,tE as a function 
of χ for different fire durations. It is found that for the hogging moment 
capacity the reduction of the reliability index in function of the fire duration 
is larger for low load ratios χ. Note that the values in Figure III.22 and Figure 
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III.24 may deviate slightly due to the use of FORM for the calculation of 




Figure III.22: βfi,tE for the hogging capacity of slab type A, calculated with the 
observed histogram ‘A’ and the lognormal approximation ‘LN’, for different 
χ-values. 
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Figure III.23: βfi,tE for the hogging capacity of beam type B, calculated with 
the observed histogram ‘A’ and the lognormal approximation ‘LN’, for 
different χ-values. 
 
Figure III.24: βfi,tE for the hogging capacity of slab type A, as a function of 
the load ratio χ. 
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III.2.4. Parametric study for slab type A (positive bending 
moment) 
The influence of different basic parameters is investigated for slab type A, 
considering the mixed-lognormal approximation as introduced above and the 
computational simplifications of Appendix A. The reference values and 
probabilistic models for the basic variables have been presented earlier in 
Table III.1. 
When assessing the influence of the basic parameters, a differentiation is 
made between the influence of “nominal values” and the influence of 
“uncertainty”. A different nominal value implies a change in design as a 
design parameter is modified. On the other hand, a different degree of 
uncertainty with respect to the realization of the design parameter does not 
change the design. For example, when the nominal concrete cover cnom = µc is 
altered, the design has changed (and consequently, also the design value MRd 
of the bending moment capacity), while when the standard deviation σc for 
the concrete cover equals 10 mm instead of 5 mm, the design is not modified 
and MRd remains the same. 
In this section βfi,tE is calculated for MR,fi,tE,pos using FORM and the mixed 
lognormal approximation described above. Comparing the results for the 
reference design in Figure III.25 with the reliability index obtained through 
crude Monte Carlo simulations in Figure III.17 confirms the excellent 
approximation by the FORM method. Furthermore, as the computational 
requirements for FORM are much lower, the resolution of the results with 
respect to tE has been increased to an evaluation every 5 minutes (instead of 
an evaluation every 30 minutes used above). 
III.2.4.1 Influence of nominal values 
The effect of changing nominal design parameters on the reliability index 
βfi,tE has been assessed for the different basic variables. The significance of 
the observed effect is given in Table III.5. Detailed results for the concrete 
compressive strength fck and the concrete cover c are given below. 
As the reliability index of every individual design is calculated with respect 
to the maximum allowable load on the slab (through equations (III.4) and 
(III.5)), a different load combination {MGk(χ);  MQk(χ)} is considered for 
every design. Therefore, the reliability indices given below relate to the 
intrinsic performance of the respective designs during fire exposure, and do 
not relate to the safety level with respect to a single external load which 
would be assumed identical for all assessed designs. Consequently, when 
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Table III.5 states that changing a specific parameter has a negligible effect on 
βfi,tE this does not imply that the alternative design has the same load bearing 
capacity, but on the contrary means that the alternative design has the same 
intrinsic safety level when explicitly considering this modified capacity. 
In order not to confuse the effect of changing the reinforcement axis position 
a and the reinforcement area As, the reinforcement diameter Ø is maintained 
at 10 mm, i.e. the reinforcement axis position is modified only by changing 
the concrete cover c and the reinforcement area is modified through the 
horizontal reinforcement spacing s. 
Table III.5: Effect of changing nominal value of basic parameters slab type A 
Property Values investigated Effect on βfi,tE 
fck 30/40/50 Very small effect 
fyk 220/400/500 Very small effect 
h
 
200/300/400 Very small effect 
s
 
100/150/200 Very small effect 
c 15/20/25/30/35/ 
40/45/50/55/60 
Very large effect 
III.2.4.1.1 Concrete compressive strength fck 
As indicated in Table III.5, the concrete compressive strength fck, the 
reinforcement yield stress fyk, the slab thickness h and the reinforcement 
spacing s (i.e. the reinforcement area As) do not have an important influence 
on βfi,tE. As an example, the results obtained for different nominal values fck 
are compared in Figure III.25 (χ = 0.5), i.e. all basic variables describing the 
slab configuration are in accordance with Table III.1 except for the concrete 
compressive strength which is modified in accordance with the chosen value 
for fck. Clearly, the concrete compressive strength does not have an important 
influence on the reliability index during fire exposure. 
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Figure III.25: βfi,tE for slab type A for different characteristic concrete 
compressive strengths fck (reference design for fck = 30 MPa), χ = 0.5. 
III.2.4.1.2 Concrete cover c 
The concrete cover c is considered to be a parameter with a very strong 
influence on the structural fire resistance of concrete elements. This is 
recognized by EN 1992-1-2 as well since the tabulated accepted design 
solutions which are given in Chapter 5 of EN 1992-1-2 (CEN, 2004b) are 
based on minimum requirements for the axis distance of the reinforcement to 
the exposed surface, i.e. minimum requirements on the concrete cover. 
Furthermore, many authors stress the importance of the concrete cover for 
structural fire resistance, see for example (Erdem, 2009), (Saafi, 2002), (Zha, 
2003) and (Choi and Shin, 2011). 
As stated in Table III.5 the nominal concrete cover is found to have a very 
large influence on βfi,tE. This observation was already visualized earlier in 
Figure III.17 and is revisited in Figure III.26 considering a larger number of 
different nominal concrete covers cnom. Clearly, the nominal concrete cover 
has a very strong influence on the onset of the reduction of the reliability 
index during fire exposure. For a larger concrete cover the reduction of βfi,tE 
is postponed considerably, up to even 180 minutes of ISO 834 fire exposure 
for c = 60 mm. 
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Figure III.26: βfi,tE for slab type A for different nominal concrete cover cnom 
(reference design for cnom = 35 mm), χ = 0.5. 
 
As mentioned above, the importance of the concrete cover for structural fire 
safety is recognized in the accepted design solutions of EN 1992-1-2 (CEN, 
2004b). Therefore, and considering the very strong effect visualized in Figure 
III.26, the results of Figure III.26 will be elaborated in Chapter V to 
determine the target reliability index for structural fire safety implicitly 
assumed by the Eurocode. In Chapter VI, a methodology for the lifetime 
cost-optimization is presented which is subsequently applied for determining 
the optimum investment in concrete cover considering uncertain fire 
exposure. For now, it suffices to conclude that the nominal concrete cover 
has a very strong effect on the reliability index βfi,tE. 
III.2.4.2 Influence of uncertainty 
The effect of the uncertainty or variability of the basic parameters is 
investigated in this subsection. While in the previous subsection MRd was 
modified by changing the nominal values of the design parameters, here MRd 
is constant in accordance with the design methodology of EN 1992-1-1 
(CEN, 2004a). Consequently, the calculated reliability indices βfi,tE relate to 
the same applied load combination {MGk, MQk} through equations (III.4) and 
(III.5). An overview of the effects of a different variable uncertainty is given 
in Table III.6. 
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Table III.6: Effect of a different variability for basic parameters slab type A 




Effect on βfi,tE 
fc Vfc [-] 0.00/0.10/0.15 Very small effect 
fy Vfy [-] 0.00/0.05/0.07 Clear effect 
h
 
σh [mm] 0/5/10 Very small effect 
As VAs [-] 0.00/0.02/0.04 Very small effect 
c σc [mm] 0/5/10 Very large effect 
kfy Vkfy(500°C) [mm], 
see Chapter I 
0/0.052/0.10 Small effect 
 
The variability of the concrete compressive strength fc, the slab thickness h, 
the reinforcement area As and the reduction factor kfy for the reinforcement 
yield stress at elevated temperatures are found to have only a small to very 
small effect on βfi,tE. Consequently, these parameters can in principle be 
considered deterministic. The variability of the other basic variables does 
have a clear effect on βfi,tE. The situations with a large effect are investigated 
in more detail below, together with a visualization of the observed effect for 
kfy. 
Note that kfc is not mentioned in Table III.6. As the analytical method of 
Appendix A is applied, kfc has no effect on the obtained bending moment 
capacity and consequently, neither does the variability of kfc. For concrete 
slabs this simplification is very reasonable since the concrete compressive 
zone is not subjected to significant heating during fire exposure. The 
excellent performance of this simplification is illustrated in Appendix A. 
III.2.4.2.1 Coefficient of variation Vkfy for the reinforcement yield stress 
reduction factor at elevated temperatures 
As introduced in Chapter I and mentioned in Table III.1, a Beta-distribution 
is used to described kfy with a coefficient of variation linearly increasing from 
0 at 20°C to a value of 0.052 at 500°C. For temperatures above 500°C Vkfy is 
maintained at 0.052. While maintaining this model, the effect of a different 
value for Vkfy is investigated in Figure III.27. Although the effect is not 
negligible, it can be classified as small: compared to the effect of for example 
the standard deviation σc of the concrete cover, Vkfy has only a very limited 
effect on βfi,tE. 
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Figure III.27: βfi,tE for slab type A for different coefficients of variation Vkfy 
for the reinforcement yield stress reduction factor at elevated temperatures 
(reference design for Vkfy = 0.052), χ = 0.5. 
III.2.4.2.2 Coefficient of variation Vfy of the reinforcement yield stress  
The variability of the reinforcement yield stress fy has a clear influence on the 
reliability of the slab, but this effect does not change during fire exposure 
(Figure III.28). Consequently, this parameter can be considered important but 
is of no specific interest for the time-dependent characterization of the 
structural fire safety. 
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Figure III.28: βfi,tE for slab type A for different coefficient of variation δfy for 
the reinforcement yield stress (reference design for Vfy = 0.07), χ = 0.5. 
 
The higher reliability index βfi,tE obtained for larger variability may seem 
unexpected but is readily explained by the definition of the mean 












When the mean reinforcement yield stress is maintained at a value of 581.4 
MPa (corresponding with the reference value of Table III.1), a change of Vfy 
has an even smaller (but opposite and hence to be expected) effect on the 
reliability index βfi,tE. This effect furthermore disappears during fire exposure. 
III.2.4.2.3 Standard deviation σc of the concrete cover 
While the nominal concrete cover (i.e. mean value µc) has a very strong 
influence on onset of the reduction of βfi,tE during fire exposure (see Figure 
III.26), the standard deviation σc also has a strong influence on the behavior 
of βfi,tE during fire. This effect can be especially important for existing 
structures where a large variability with respect to the concrete cover may 
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exist, and for precast concrete elements where thorough quality control may 
allow to minimize the standard deviation of the concrete cover, i.e. adequate 
quality control of the concrete cover may be considered beneficial with 
respect to the reliability during fire exposure. 
 
Figure III.29: βfi,tE for slab type A for different standard deviations σc for the 
concrete cover (σc = 5 mm), χ = 0.5. 
III.2.5. Parametric study for beam type B (negative bending 
moment) 
Again, the effect of changes in nominal values on the one hand and changes 
in variability of basic parameters on the other hand are investigated. As 
discussed for slab type A, changing the nominal value of a basic variable 
affects the design value of the bending moment capacity MRd, whereas 
changing the variability does not affect MRd. 
All calculations are performed using FORM and the lognormal 
approximation for MR,fi,t,neg. The parameters of the lognormal approximation 
are determined through Latin Hypercube sampling and the M-χ-tool (using 
200 samples). The excellent performance of this procedure with Latin 
Hypercube sampling is validated for the reference configuration of beam type 
B by comparing the results with those obtained through crude Monte Carlo 
calculations in Figure III.30. 
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Figure III.30: βfi,tE for beam type B using crude Monte Carlo simulations 
‘MC’ and FORM (lognormal approximation based on 200 Latin Hypercube 
samples) ‘LN FORM LHS’, for different χ. 
III.2.5.1 Influence of nominal values 
An overview of the investigated nominal values and the observed effect on 
the reliability index βfi,tE is given in Table III.7. The reference beam 
configuration is given earlier in Table III.3, with c1 the bottom concrete 
cover, c2 the top concrete cover and ch the horizontal concrete cover. The 
reinforcement diameter is maintained at 20 mm. Therefore, a change of 
reinforcement axis is directly related to a change in concrete cover and a 
change of reinforcement area is directly related to the number of 
reinforcement bars n (with n2 the number of top reinforcement bars, n1 is 
maintained at 2). 
For fck, fyk, h and c1 a clear effect is observed which is becoming more 
significant during fire exposure, as discussed further. Since these effects on 
βfi,tE all relate to the same underlying principle (the performance of the lever 
arm during fire exposure), it is clear that the effects cannot simply be 
combined and important interaction exists. 
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Table III.7: Effect of changing nominal value for basic variables beam type B 
Property Values investigated Effect on βfi,tE 
fck 30/40/50 Clear effect 
fyk 220/400/500 Clear effect 
h
 
300/350/400 Clear effect 
b 160/200/240 Very large effect 
c1 15/25/35 Clear effect 
c2 15/25/35 Large effect 
ch 15/25/35/45 Very large effect 
n2 2/3 Clear effect 
 
III.2.5.1.1 Concrete compressive strength fck 
Contrary to the situation for the positive bending moment of slab type A, the 
concrete compressive strength fck does have a clear effect on βfi,tE for the 
negative (hogging) bending moment (Figure III.31). Interestingly, this effect 
is not present at the start of the fire but materializes for larger fire durations: 
as the fire duration increases and the concrete compressive zone loses 
strength, a larger fck is beneficial to maintain the lever arm and therefore 
results in relatively larger values for the bending moment capacity MR,fi,tE,neg 
and the reliability index βfi,tE. 
III.2.5.1.2 Reinforcement yield stress fyk 
A similar but opposite effect is observed when changing the nominal value of 
fyk: at the start of the fire the reliability indices βfi,tE are very close to each 
other, but as the fire duration increases smaller fyk result in larger values for 
βfi,tE. Although this may seem unexpected, the explanation of this effect is 
closely related to the explanation offered in the previous paragraph: for 
smaller fyk the required total concrete compressive strength is smaller, 
resulting in a smaller concrete compressive zone and therefore, a reduced 
effect of fire on the lever arm compared to the situation with larger fyk. 
A visualization of βfi,tE gives almost the same graph as Figure III.31. 
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Figure III.31: βfi,tE for beam type B for different characteristic concrete 
compressive strength fck (reference design for fck = 40 MPa), for different χ. 
III.2.5.1.3 Beam height h 
Again a very similar effect is observed when changing the nominal beam 
height h. At the start of the fire, the beam height h does not have a clear 
effect on the reliability index βfi,tE. However, as the fire progresses and the 
lever arm decreases, a larger h results in a relatively smaller reduction of the 
lever arm and therefore a better performance with respect to βfi,tE. 
III.2.5.1.4 Beam width b 
The width of the beam b has a very large effect on βfi,tE (see Figure III.32). As 
the concrete cover is not modified, a change in beam width does not affect 
the reinforcement temperature significantly, i.e. only indirect cooling effects 
by the additional concrete mass in the center of the beam occur. The actual 
benefit relates to an on average cooler concrete compressive area and, 
consequently, also to a lever arm which is less affected by the fire. 
For legibility only χ = 0.5 has been visualized in Figure III.32. 
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III.2.5.1.5 Bottom concrete cover c1 
Increasing the bottom concrete cover has a positive effect on the 
reinforcement temperature and consequently on maintaining the lever arm 
during fire exposure. 
III.2.5.1.6 Top concrete cover c2 
Reducing the top concrete cover has a direct positive effect on the lever arm 
and a slightly positive effect on the top reinforcement temperature. Reducing 
the top concrete cover of the beam can be considered to have a large positive 
effect on βfi,tE. 
The obtained results for βfi,tE are visualized in Figure III.33. 
III.2.5.1.7 Sideway concrete cover ch 
The sideway concrete cover has a very large effect on βfi,tE as it mainly 
governs the temperature of the tensile reinforcement and as well influences 
the temperature of the compression reinforcement. Consequently, a larger 
concrete cover ch results in a larger reliability index βfi,tE with a delayed onset 
of the reduction of βfi,tE due to fire exposure (Figure III.34). The beneficial 
effect of increasing ch decreases for larger ch. 
For legibility only χ = 0.5 has been visualized in Figure III.34. 
III.2.5.1.8 The number of tensile reinforcement bars n2 
Changing the number of tensile reinforcement bars n2 from 2 to 3 clearly 
increases the capacity MRd for normal design situations without changing the 
associated intrinsic reliability index. However, during fire exposure the larger 
number of tensile reinforcement bars requires a larger concrete compressive 
zone for equilibrium and as this compressive zone is directly affected by the 
fire, βfi,tE is lower for the configuration with more tensile reinforcement (see 
Figure III.35).  
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Figure III.32: βfi,tE for beam type B for different beam widths b (reference 
design for b = 160 mm), for χ = 0.5. 
 
Figure III.33: βfi,tE for beam type B for different top concrete covers c2 
(reference design for c2 = 25 mm), for different χ. 
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Figure III.34: βfi,tE for beam type B for different sideways concrete covers ch 
(reference design for ch = 35 mm), for χ = 0.5. 
 
Figure III.35: βfi,tE for beam type B for different number of tensile 
reinforcement bars n2 (reference design for n2 = 2), for different χ. 
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III.2.5.2 Influence of uncertainty 
In the previous section III.2.5.1 the reliability index βfi,tE has been calculated 
and compared for different designs, i.e. modifications from the reference 
design of beam type B (Table III.3). In this section only a single design is 
considered (i.e. nominal values of basic parameters in accordance with the 
reference design of Table III.3), but the uncertainty (variability) with respect 
to the realization of these basic variables is modified.  
As in the previous section all calculations are based on the lognormal 
approximation for the bending capacity MR,fi,tE,neg, FORM is used for the 
reliability calculations and Latin Hypercube sampling with 200 samples is 
executed for assessing the parameters of the lognormal approximation. 
The investigated changes in variability and the observed effects on βfi,tE are 
summarized in Table III.8. 
Table III.8: Effect of a different variability for basic variables of beam type B 




Effect on βfi,tE 
fc Vfc [-] 0.00/0.10/0.15 Clear effect / 
Very small effect 
fy Vfy [-] 0.00/0.05/0.07 Clear effect / 
Very small effect 
h
 
σh [mm] 0/5/10 Small effect 
b σb [mm] 0/5/10 Small effect 
c1 σc [mm] 0/5/10 Very small effect 
c2 σc [mm] 0/5/10 Small effect 
ch σc [mm] 0/5/10 Small effect 
As VAs [-] 0.00/0.02/0.04 Very small effect 
kfy Vkfy [mm] 0/0.052/0.10 Very small effect 
kfc Vkfc [mm] 0/0.045/0.10 Very small effect 
 
For the negative bending moment capacity of beam type B a change of 
variability in the basic variables is found to be much less important than for 
the positive bending moment of slab type A (see III.2.4.2). The top concrete 
cover c2 has a small effect through the lever arm and the sideway concrete 
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cover ch has a small effect through the reinforcement temperature (especially 
of the tensile reinforcement). The variability of other variables such as the 
bottom concrete cover c1, the reinforcement area As, and the strength 
reduction factors kfy and kfc is found to have only a very limited influence on 
the reliability index. 
The influence of Vfc, Vfy, σh and σb are discussed in more detail below. 
III.2.5.2.1 Coefficient of variation Vfc of the concrete compressive strength 
The double classification for fc in Table III.8 is related to equation (III.12): if 
the mean value of fc is adjusted in accordance with the change of Vfc a clear 
effect is observed with smaller Vfc resulting in a smaller βfi,tE during fire 
exposure. This is due to the lower mean value of the concrete compressive 
strength. Interestingly, this difference in reliability index is not present at the 
start of the fire but develops during fire exposure, similar as has been 
observed when changing the nominal value of fck (see III.2.5.1.1).  However, 
if the mean concrete compressive strength is fixed at 57.1 Mpa (Table III.3), 
the observed effect of a different Vfc is opposite and very small: a lower Vfc 
results in a larger βfi,tE but the effect is approximately zero.  
III.2.5.2.2 Coefficient of variation Vfy of the reinforcement yield stress 
Similar as for the concrete compressive strength, the double classification for 
fy in Table III.8 is related to equation (III.12), i.e. the change in mean value. 
Contrary to the situation described for Vfc, the reduction of βfi,tE is already 
present at the start of the fire (related to a lower mean strength of the tensile 
reinforcement for the same design bending moment capacity MRd). If the 
mean reinforcement yield stress is fixed at 581.4 Mpa (Table III.3), the effect 
is opposite and much smaller, and furthermore disappears during fire 
exposure. 
III.2.5.2.3 The standard deviation σb of the beam width 
For the reference configuration of Table III.3 the beam width is considered as 
a deterministic variable. In conjunction with a deterministic beam height this 
assumption allows for strong computational simplifications since only a 
single temperature calculation is required to characterize the temperature 
distribution inside the beam cross-section for all stochastic realizations of the 
beam. In order to validate the acceptability of this simplification, alternative 
situations with σb = 5 mm and σb = 10 mm are considered (and a normal 
distribution for describing b). A large number of temperature calculations is 
required to accommodate this stochastic beam width b. For computational 
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feasibility every stochastic realization of b has been rounded to the nearest 
millimeter. 
The effect on βfi,tE is however found to be small, as visualized in Figure 
III.36.  
III.2.5.2.4 The standard deviation σh of the beam height 
When considering a standard deviation of 5 mm or 10 mm for the beam 
height a small effect is observed similar to the effect visualized in Figure 
III.36 for the beam width. The effect is however smaller and becomes very 
small for large fire durations. Consequently, in conjunction with the previous 
paragraph on the effect of σb, the computational simplification of 
deterministic beam dimensions can be considered acceptable. 
 
Figure III.36: βfi,tE for beam type for different standard deviation σb for the 
beam width (reference design for σb = 0 mm), for different χ. 
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III.3. Structural reliability during fire of concrete 
elements subjected to bending and normal 
forces 
III.3.1. Introduction and calculation method 
For concrete elements subjected to a combination of bending moments and 
normal forces {ME, NE} the resistance effect R is defined by an interaction 
diagram {mR, nR}, where mR and nR are the normalized normal force capacity 











m f bh=  (III.14) 
 
This interaction diagram is determined through the M-χ-tool for a given 
configuration and fire duration tE, i.e. for different n-values the bending 
moment capacities MR,fi,tE,pos and MR,fi,tE,neg are determined as the maximum 
and minimum of the M-χ-diagram (see Figure III.1). For symmetrical 
situations, as for example square concrete columns subjected to identical fire 
conditions from four sides, the interaction diagram is symmetrical and MR,pos 
= |MR,neg|. However, in case of asymmetry, as observed for example for tunnel 
linings subjected to fire at the interior side only, the interaction diagram is no 
longer symmetrical and the computations are more demanding. 
III.3.2. Resistance effect for columns subjected to a four-sided fire 
Assuming that the geometrical parameters of the column are symmetrical, 
symmetrical fire conditions with respect to the bending axis of the column 
result in an interaction diagram during fire exposure which is symmetrical 
with respect to the n-axis. If for some reason the reinforcement is 
concentrated at one side of the column, asymmetrical effects will develop 
even for a symmetrical fire. This caveat is however rather theoretical in case 
of columns and furthermore, for these situations the extensions described in 
III.3.3 apply. 
As mentioned in the introduction, for any deterministic column configuration 
the interaction diagram can be determined through the M-χ-tool by repeating 
the calculation of MR,fi,tE,pos and MR,fi,tE,neg for different normal forces N and 
normalizing the obtained values through (III.13) and (III.14), where b = h = z 
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in case of a square column cross-section, and z is the column side length. The 
obtained interaction diagram is visualized in Figure III.37 for a single 
stochastic realization of column type A (Table III.9), for different ISO 834 
fire durations tE. Since the interaction diagram is symmetrical with respect to 
the n-axis only the upper half of the diagram is visualized. 
It can be observed in Figure III.37 that the interaction diagram shrinks during 
fire exposure, i.e. the combination of loads {mE, nE} which can be carried by 
the column reduces. 
III.3.2.1 Stochastic representation of the interaction diagram 
When considering the uncertainty with respect to the basic variables as given 
in Table III.9 and applying crude Monte Carlo simulations, a stochastic 
representation of the interaction diagram during fire is obtained. A set of 7 
random realizations of the interaction diagram at 0 minutes, and at 90 
minutes of ISO 834 standard fire exposure is visualized in Figure III.38. 
Analyzing the results of in total 10000 Monte Carlo simulations, the 
stochastic representation of the interaction diagram is obtained as visualized 
in Figure III.39 to Figure III.41 by the 5%, 50% and 95% quantiles of the 
interaction diagram. The interval between the 5% and 95% quantiles has been 
shaded. 
Table III.9: Probabilistic models for basic variables in case of column type A 
Property Distribution Dimension Mean µ CoV V 
fc,20°C  
(fck = 55 Mpa) 
LN 
 
Mpa 78.6 0.15 
fy,20°C  
(fyk = 500 Mpa) 
LN Mpa 581.4 0.07 













see Chapter I 
c Beta[µ±3σ] mm 25 0.20 
(σc = 5 mm) 
z DET mm 300 - 
As1 N mm² As,nom 0.02 
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Figure III.37: Interaction diagram for a single stochastic realization of 
column type A at different fire durations tE. 
 
 
Figure III.38: Set of 7 random realization of the interaction diagram of 
column type A for tE = 0 min and 90 min ISO 834. 
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Figure III.39: Stochastic interaction diagram for tE = 0 min and 90 min ISO 
834 (5%, 50% and 95% quantiles of the interaction diagram). The interval 
between the 5% and 95% quantiles has been shaded. 
 
Figure III.40: Stochastic interaction diagram for tE = 30 min and 120 min ISO 
834 (5%, 50% and 95% quantiles of the interaction diagram). The interval 
between the 5% and 95% quantiles has been shaded. 
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Figure III.41: Stochastic interaction diagram for tE = 60 min and 150 min ISO 
834 (5%, 50% and 95% quantiles of the interaction diagram). The interval 
between the 5% and 95% quantiles has been shaded. 
 
The individual realizations of interaction diagrams underlying Figure III.39 
to Figure III.41 can be considered as a Monte Carlo simulation of the 
interaction diagram. Consequently, these stochastic realizations {nR, mR} can 
be combined with stochastic realizations of the load effect {nE, mE} to 
determine the failure probability. The Monte Carlo simulation of the 
interaction diagram is however computationally expensive and significant 
computational benefits can be obtained by approximating each stochastic 
realization of the interaction diagrams with a polynomial function, as 
discussed in the next section. 
III.3.2.2 Approximating the stochastic realization of the interaction 
diagram by a polynomial function 
The interaction diagrams of Figure III.37 to Figure III.41 are based on an M-χ 
calculation every n = 0.1 (and on a curvature χ resolution of 2·10-6/mm). For 
intermediate n-values interpolation can be used. However, to reduce the 
number of required calculations, the interaction diagram can be approximated 
by a combination of a 3rd degree polynomial and a linear descending branch, 
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as applied in Figure III.42 for the interaction diagrams of Figure III.37 (i.e. 
for a single stochastic realization of column type A). 
 
Figure III.42: Interaction diagram and polynomial approximation for a single 
stochastic realization of column type A at different fire durations tE. 
 
As visualized in Figure III.42, the polynomial approximation is capable of 
giving a very good approximation of the full-numerical interaction diagram. 
It is important to emphasize that the polynomial approximation uses 
numerical results as input data as well, but while the full-numerical 
calculation has to determine a large number of points of the interaction 
diagram, the polynomial approximation requires a reduced number of 
calculated points and furthermore, these points can be based on faster but less 
precise calculations. 
Applying both the full-numerical calculation and the polynomial 
approximation for each of the 10000 Monte Carlo simulations allows to 
compare the histograms of the bending moment capacity MR(n) for given 
normal force ratios n. As an example, in Figure III.43 (PDF) and Figure 
III.44 (CDF), the polynomial approximation gives good results for n = 0.4. 
Consequently, the polynomial approximation will be applied in III.3.4 for the 
calculation of failure probabilities Pf,tE.  
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Figure III.43: PDF of mR (n = 0.4) for different ISO 834 fire durations tE: full-
numerical histogram and histogram based on a polynomial approximation. 
 
Figure III.44: CDF of mR (n = 0.4) for different ISO 834 fire durations tE: 
full-numerical histogram and histogram based on a polynomial 
approximation. 
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III.3.3. Resistance effect for linings, beams and columns subjected 
to asymmetric fires 
When the fire is asymmetric with respect to the bending axis, or if the 
concrete element itself has an asymmetrical configuration, a more complex 
situation develops. In these cases fire exposure not only reduces the size of 
the interaction diagram, but also results in a rotation. Furthermore, biaxial 
bending effects may develop, as investigated in (Tan & Yao, 2004). 
As an example linings are investigated. Since these concrete elements are 
applied in tunnel systems, they are exposed to a combination of small 
bending moments and large normal forces. Furthermore, possible fire 
exposure is from the interior of the tunnel only and therefore thermal effects 
are not symmetrical with respect to the bending axis. 
Currently, the design of tunnel linings is often governed by the construction 
phase and not by the actual service phase of the tunnel (Bakker & Blom, 
2009), i.e. the thrust forces of the tunnel boring machine during the 
construction phase are much higher than the forces which apply during the 
actual use of the tunnel after completion. Consequently, the probability of 
failure of the tunnel lining during its lifetime is very low and even fire 
exposure is rarely a problem (if concrete spalling is avoided or can be 
neglected, see the discussion in section III.4). However, a natural goal for 
constructors and designers is to reduce the loading in the construction phase 
up to the point where it no longer determines the design of the lining, as this 
would result in very large cost reductions. Therefore two distinct situations 
are considered below: first the behavior of the interaction diagram during fire 
exposure is introduced for current realistic lining dimensions. Subsequently, 
reliability calculations are performed considering a theoretical lining which is 
designed for the normal service forces only, i.e. a lining with reduced 
dimensions. 
The fire exposure considered below corresponds with the Hydrocarbon 
Increased fire (HCinc). This fire curve is more severe than the ISO 834 fire 
and for tunnel systems fire resistance to this more severe fire curve is often a 
requirement. Other common severe fire curves for tunnel systems are the 
traditional Hydrocarbon fire (HC) and the Rijkswaterstaat fire (RWS), (ITA, 
2005).  
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III.3.3.1 Interaction diagram for a concrete lining exposed to fire from 
the interior side only 
Realistic lining dimensions are based on the Brenner Base Tunnel (BBT) 
project (Bergmeister, 2011) and are given below in Table III.10, with h the 
lining thickness and r the tunnel inner diameter. The lining configuration of 
Table III.10 will further be denoted lining type A. 
Table III.10: Probabilistic models for basic variables in case of lining type A 
Property Distribution Dimension Mean µ CoV δ 
fc,20°C  
(fck = 42 MPa) 
LN 
 
MPa 60 0.15 
fy,20°C  
(fyk = 500 MPa) 
LN MPa 581.4 0.07 













see Chapter I 
c1 Beta[µ±3σ] mm 35 0.14 
(σc = 5 mm) 
As1 N mm² As1,nom 0.02 
c2 Beta[µ±3σ] mm 35 0.14 
(σc = 5 mm) 
As2 N mm² As2,nom 0.02 
h DET mm 350 - 
s DET mm 150 - 
r DET m 4 - 
 
The reinforcement area As is defined per unit width of the lining, i.e. b = 1000 
mm and As,nom is determined through equation (III.6). Similar as for the 
calculations in section III.2, the results depend on the total reinforcement area 
As and on the axis distance of the reinforcement to the lining surface. 
Consequently, the results are directly applicable for other reinforcement 
diameters with the same axis distance to the exposed surface (when 
modifying the reinforcement spacing s accordingly to maintain As). 
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The inner tunnel diameter influences the temperature distribution inside the 
lining as for a given crown angle dθ the thermal capacity at the outer fiber of 
the lining is larger than the thermal capacity at the inner fiber, since: 
( )rd r h dθ θ< +  (III.15) 
 
However, for large R and small h the difference compared to a traditional 1-
dimensional temperature calculation for slabs is negligible. Furthermore, note 
that the unexposed side of the lining is cooled by conduction to the 
surrounding rock (considered here to have the same thermal properties as for 
the concrete material). 
A single stochastic realization of the interaction diagram for lining type A is 
visualized in Figure III.45 for different HCinc fire durations tE. 
 
Figure III.45: Interaction diagram for a single stochastic realization of lining 
type A at different fire durations tE (HCinc). 
 
At zero minutes of fire exposure the interaction diagram is approximately 
symmetrical. In Figure III.45, small asymmetry can be observed due to the 
different stochastic realizations for c1, As1 and c2, As2. During fire exposure 
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the interaction diagram shrinks and rotates towards positive moment 
capacities mR. This is associated with the loss of strength and stiffness which 
is concentrated at the exposed lower side of the lining. For negative bending 
moments the resultant compression force should be as far below the center of 
gravity of the cross-section as possible, i.e. the weakened lower part of the 
lining has to deliver the bulk of the compression force. For positive bending 
moments on the other hand the resultant compression force should be above 
the center of gravity, which is much easier as the unexposed side of the lining 
retains most of its ability to provide compression forces even during 
prolonged fire exposures, and especially the outer fibers retain their strength 
for a long time, which has a strong effect on the lever arm. Furthermore, the 
thermal strains εth (see Ch I) also influence the results. For example, for the 
negative bending moment capacity these thermal strains push the fire-
exposed fibers more quickly into the post-peak descending branch of the 
concrete stress-strain model. 
III.3.3.2 Stochastic representation of the interaction diagram 
Similar to the discussion presented in III.3.2.1 for concrete columns during 
symmetric fire conditions, a stochastic representation of the interaction 
diagram during exposure to the HCinc is determined through Monte Carlo 
simulations. Stochastic representations of the interaction diagram during fire 
exposure are given in Figure III.46 and Figure III.47 for 0 minutes and 240 
minutes of HCinc respectively (visualization of the 5%, 50% and 95% 
quantiles). 
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Figure III.46: Stochastic interaction diagram for lining type A, tE = 0 min 
HCinc (5%, 50% and 95% quantiles of the interaction diagram). 
 
Figure III.47: Stochastic interaction diagram for lining type A, tE = 240 min 
HCinc (5%, 50% and 95% quantiles of the interaction diagram). 
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III.3.3.3 Stochastic interaction diagrams for the service-load based 
design lining type B 
As preliminarily investigated in (Van Coile et al., 2014d) only for 
unrealistically high values for the external loads in normal design conditions 
a non-negligible probability of failure is obtained for lining type A described 
above. This result is not unexpected since the construction phase governs the 
design of the lining and consequently, the lining is overdesigned with respect 
to the loading in normal use. Therefore an alternative lining configuration is 
considered as is given in Table III.11 (lining type B), for which the 
requirements of the construction phase are neglected, i.e. the external loads in 
normal design conditions determine the design. 
Table III.11: Probabilistic models for basic variables in case of lining type B, 
other variables in accordance with Table III.10 
Property Distr. Dim. Mean µ CoV δ 
fc,20°C  
(fck = 20 MPa) 
LN 
 
MPa 28.6 0.15 
c1 Beta[µ±3σ] mm 15 0.33 
(σc = 5 mm) 
c2 Beta[µ±3σ] mm 15 0.33 
(σc = 5 mm) 
h DET mm 120 - 
s DET mm 100 - 
 
Lining type B has been designed according to the principles of EN 1992-1-2 
for concrete structures (CEN, 2004a), considering an overburden of 50 meter 
soil with a mean weight of 20 kN/m³ (see Table III.12). Details of the 
considered load variables are given below in section III.3.4. 
Applying the basic methodology described above, a stochastic representation 
of the interaction diagram for lining type B is obtained for different HCinc 
fire durations tE, as visualized in Figure III.48 to Figure III.52. 
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Figure III.48: Stochastic interaction diagram for lining type B, tE = 0 min 
HCinc (5%, 50% and 95% quantiles of the interaction diagram). 
 
Figure III.49: Stochastic interaction diagram for lining type B, tE = 30 min 
HCinc (5%, 50% and 95% quantiles of the interaction diagram). 
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Figure III.50: Stochastic interaction diagram for lining type B, tE = 60 min 
HCinc (5%, 50% and 95% quantiles of the interaction diagram). 
 
Figure III.51: Stochastic interaction diagram for lining type B, tE = 120 min 
HCinc (5%, 50% and 95% quantiles of the interaction diagram). 
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Figure III.52: Stochastic interaction diagram for lining type B, tE = 240 min 
HCinc (5%, 50% and 95% quantiles of the interaction diagram).  
 
Comparing the stochastic interaction diagrams above for lining type B with 
those obtained earlier for lining type A, a number of differences are observed. 
Firstly, the stochastic interaction diagram at 0 minutes of exposure reaches up 
to larger n-values for lining type B. This is easily explained by the larger 
reinforcement ratio inside the lining. Secondly, fire has a larger influence on 
lining type B: there is both a stronger shrinkage and a larger rotation of the 
interaction diagram. Both observations are related to the smaller thickness of 
lining type B resulting in a relatively stronger heating of the cross-section and 
consequently, larger fire effects. Whereas the unexposed side of lining type A 
remains cool even for 240 minutes of HCinc, this is less the case for Lining 
type B where after 240 minutes the upper fiber reaches a temperature of 
180°C. This also explains the strong rotation of the interaction diagram: for 
lining type B the central fiber reaches a temperature of approximately 550°C 
after 240 minutes of exposure. Consequently, if the lining has to deliver a 
large normal force ratio n
 
at 240 min HCinc, this is only possibly with the 
upper halve of the lining providing most of this compressive force, i.e. large 
n values are only possible in conjunction with positive mR and the interaction 
diagram consequently rotates. 
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III.3.3.4 Approximating the stochastic realization of the interaction 
diagram by a polynomial function 
As elaborated in section III.3.2.2 the interaction diagram can be 
approximated by a polynomial function which allows to reduce the number 
of calculations. Practically, both the upper and lower branch of the 
interaction diagram are approximated by a third degree polynomial. The 
overall interaction diagram is obtained by trimming both curves at their 
intersection. Examples are given in Figure III.53 for a single stochastic 
realization of lining type B. 
 
Figure III.53: Interaction diagrams and polynomial approximations for a 
single stochastic realization of lining type B at different HCinc fire durations. 
III.3.4. Structural reliability calculations 
III.3.4.1 Stochastic load variables considered 
As indicated above, lining type B has been designed considering the external 
loads acting in normal design conditions. Consequently, the lining thickness 
is considerably smaller than lining type A (which is based on the lining 
design for the Brenner Base Tunnel). An overview of the load parameters and 
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associated stochastic distributions is given in Table III.12, with ϕnom the 
nominal value of the friction angle = 32°. 
Table III.12: Probabilistic models for the load variables considered in the 
design of lining type B, based on JCSS (2007) 
Property Distribution Dimension Mean µ CoV V 
Tangens of the friction 
angle ϕ, tan(ϕ) 
LN 
 
- tan(ϕnom) 0.15 
Soil weight gs N kN/m³ 20 0.1 
Model uncertainty for 
the load effect KE 
LN - 1 0.1 
Overburden H DET m 50 - 
Groundwater table 
overburden Hw 
DET m 50 - 
Soil cohesion C  DET kN/m³ 0 - 
Soil reaction 
coefficient k 
DET MN/m³ 250 - 
Coefficient of lateral 
earth pressure λlp 
DET - 0.5 - 
Surcharge p0 DET kN/m² 0 - 
 
The normal forces NE and bending moments ME induced by the external loads 
in lining type B are assessed using the elastic equation method for circular 
tunnel linings (ITA, 2000). Applying the probabilistic models of Table III.12, 
Monte Carlo simulations indicate that the normal force NE can be modelled 
by a lognormal distribution (p-value = 0.124). Furthermore, NE is 
approximately independent of the crown angle and the coefficient of 
variation of NE is very close to 0.1. The bending moment ME is strongly 
dependent on the crown angle. However, as the failure of the lining at a 
single location implies the failure of the entire tunnel cross-section, it suffices 
to investigate the most extreme bending moments ME1 and ME2, both 
approximated by a normal distribution with mean and standard deviation as 
given in (III.16) and (III.17). The realizations of ME1 and ME2 are 
approximately perfectly correlated. 
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1 7.59MEµ kNm=               1 1.58ME kNmσ =  (III.16) 
2 6.87MEµ kNm= −              1 1.29ME kNmσ =  (III.17) 
 
For practical calculations NE and ME are normalized in accordance with 
equations (III.13) and (III.14). 
III.3.4.2 Note on restrained fire-induced deformations 
The concept of fire-induced expansion and rotation has been summarily 
introduced in Chapter I. If the longitudinal thermal expansion (or contraction) 
of the concrete element is restrained, a fire-induced restraining normal force 
Nfi develops. This fire-induced normal force can be evaluated on a cross-
sectional level by considering an invariant strain εG of the center of gravity. 
Furthermore, the non-linear temperature distribution in the cross-section 
results in a free rotation as well. For many structural elements this fire-
induced rotation will be fully or partially inhibited by the supports, 
generating a fire-induced restraining bending moment Mfi. In general this 
bending moment Mfi can only be evaluated on an element level, i.e. not on a 
cross-sectional level. Consequently, reliability calculations based on cross-
sectional analysis are limited to situations with free rotation at the supports. 
Here the methodology is applied for lining type B considering free rotation 
and expansion, but as the restraining forces can be added to the load effect 
the methodology can be modified for a first-order evaluation of concrete 
elements considering restraining forces. However, in some situations second-
order effects can be important, as investigated in (Wang et al., 2015). 
III.3.4.3 Reliability calculation for lining type B 
For concrete elements subjected to both normal forces and bending moments, 
failure is defined by the location of the stochastic load combination {nE, mE} 
with respect to the interaction diagram. If the load combination is situated 
inside the interaction diagram, the cross-section is capable of bearing the 
load, whereas if {nE, mE} is situated outside the interaction diagram, the 
lining is unable to carry the load and is considered to have failed (see the 
conceptual visualization in Figure III.54). 
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Figure III.54: Conceptual visualization of the failure region and the safe 
region for a single realization of the interaction diagram. 
Consequently, failure probabilities can be calculated through direct Monte 
Carlo simulations, i.e. combining stochastic realizations of the interaction 
diagram with stochastic realizations of the load combination {nE, mE}. This 
procedure is however very computationally intensive. 
As a computationally effective alternative, a simple procedure is proposed 
where analytical methods are combined with crude Monte Carlo simulations 
of the interaction diagram. For every stochastic realization i of the interaction 
diagram, nR and mR(n) are deterministic and consequently the probability of 
failure Pf,i of this specific lining realization i for a given deterministic normal 
force load ratio nEx can be calculated as: 
( ), , , ,, , ,1f nEx i f nEx if i n nEx f mE i n nExP P P P= == + −  (III.18) 
 
where Pf,nEx,i is either 1 or 0 (1 for nR,max,i ≤ nEx, 0 otherwise). Considering the 
normal distribution for mE, Pf,mE,i|n=nEx is calculated by: 
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where mR,max is the upper boundary of the interaction diagram and mR,min is the 
lower boundary (both evaluated for a given normal force n = nEx). Since mE1 
and mE2 are perfectly correlated, the failure probability is given by the 
maximum of both. 
The failure probabilities given by (III.18) for fixed external load ratios nEx 
can be integrated considering the lognormal distribution for nE: 




= ∫  (III.20) 
 
Equation (III.20) is evaluated numerically and determines the failure 
probability for a given stochastic realization of the interaction diagram. 













with ntotal the total number of Monte Carlo simulations for the interaction 
diagram. 
Thanks to the simple analytical calculation of the failure probability for a 
given normal force ratio n = nEx, the procedure described above is very 
computationally effective once a Monte Carlo simulation of the interaction 
diagram is available. 
In the notations above the suffix ‘fi’ indicating the fire condition has been 
omitted for legibility. However, the methodology is directly applicable for 
the fire situation. Application results are visualized in Figure III.55. 
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Figure III.55: Reliability index βfi,tE for lining type B during exposure to the 
HCinc standard fire. 
 
At the start of the fire the reliability index βfi,tE is very large, i.e. for normal 
design conditions the calculated probability of failure for lining type B is 
negligibly small. However, the shrinkage and rotation of the interaction 
diagram during fire exposure quickly result in a rapid increase of the failure 
probability and associated reduction of βfi,tE. This mechanism is illustrated in 
Figure III.56 for a single stochastic realization of the lining. The visualization 
in Figure III.56 is explained as follows: as the fire-induced curvature and 
expansion of the lining are unrestrained, no fire-induced forces develop and 
the probabilistic formulation of the load combinations {nE, mE1} and {nE, 
mE2} are invariant during fire exposure. Both load combinations are 
visualized by a red crossair, deliminating the 5% and 95% quantiles of the 
respective distributions, with the central point of the cross being the 50% 
quantile of both the normal force nE and the bending moment mE. At the start 
of the fire (tE = 0 min) the 90% confidence intervals for the external load are 
situated in the center of the interaction diagram and consequently, the 
probability of failure is very small. However, after 90 minutes of exposure 
the interaction diagram has shrunk and rotated, and the crossair for {nE, mE2} 
slightly crosses the outer boundary of the interaction diagram. After 120 
minutes the interaction diagram has shrunk and rotated further, leaving the 
central point of the {nE, mE2} crossair outside of the interaction diagram, 
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corresponding with a very large probability of failure and low reliability 
index βfi,tE (for this specific realization of lining type B).  
As a conclusion the paragraphs above give a clear methodology for 
determining the failure probability of structural elements subjected to a 
combination of normal forces and bending moments, during fire exposure. In 
case of an asymmetrical fire exposure, or when the cross-section itself is 
asymmetrical, the interaction diagram not only shrinks during fire but also 
rotates away from the most weakened side of the cross-section. Especially for 
tunnel linings which are exposed to fire from one side only and are subjected 
to large normal forces these considerations are important. 
 
Figure III.56: Single stochastic realization of the interaction diagram of lining 
type B for different HCinc fire durations tE together with 90% confidence 




Chapter III: Structural fire safety for design of concrete elements 97 
III.4. Special topic: Fire-induced spalling 
III.4.1. Introduction 
During fire exposure, the outer layers of the concrete may (explosively) 
detach from the cross section. This phenomenon is known as fire-induced 
spalling (Dwaikat & Kodur, 2010). Many different theories exist explaining 
the phenomenon (Hertz, 2003), (Xian, 2006), but overall a consensus exists 
that vapor pressure inside the concrete pores is a fundamental parameter for 
the phenomenon, see for example (Gawin et al., 2006) and (Kodur & Phan, 
2007). The basic concepts of the theory linking spalling and moisture have 
been validated empirically by van der Heijden et al. (2007) and (2012) using 
a magnetic resonance test setup. However, no practical models yet exist 
which can accurately predict the occurrence, time of occurrence and the 
spatial distribution of spalling. Nevertheless, spalling can have a detrimental 
impact on the fire resistance of concrete elements. Due to the loss of the outer 
layers, an accelerated heating and earlier loss of strength occurs for the 
reinforcement. In some cases the reinforcement may even be directly exposed 
to the fire, see e.g. (Kodur et al., 2013). 
 
Fire-induced spalling is not explicitly considered in EN 1992-1-2 (CEN, 
2004b). The Eurocode does however specify that spalling is unlikely if the 
moisture content is below 3%. However, spalling is found to be increasingly 
likely for modern High Strength and High Performance Concrete where the 
increased density of the concrete strongly reduces the dissipation of vapor 
pressures through the pore structure, (Hertz, 1984), (Hertz & Sorensen, 
2005). Therefore, spalling should be taken into account directly or indirectly 
when determining the fire resistance of concrete structures. 
 
According to Bailey (2002), the inability to consider spalling in current 
design codes is one of the main reasons for premature structural collapse 
during fire. However, reporting on the large scale Cardington fire test of 
2001, Bailey also notes that slabs with exposed reinforcement due to severe 
spalling did not fail in the actual tests thanks to the beneficial effect of 
compressive membrane action. This beneficial effect is neglected in current 
design rules as well. Interestingly, Bailey (2002) at the same time considers 
the high compressive stresses induced by the beneficial compressive 
membrane action to be (partly) responsible for the observed spalling. 
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Especially for concrete tunnel linings, spalling can be an important 
consideration as for example observed in the 1996 Chunnel fire (Savov et al., 
2005), (Ulm et al., 1999). In order to avoid spalling often polypropylene 
fibres are added to the concrete mix, increasing the permeability of the 
concrete and the dissipation of pore pressures in case of fire (Kalifa et al., 
2001). 
 
Before proceeding it is stressed that the goal of the subsequent paragraphs is 
to introduce the concepts of uncertainty and reliability in the discussions 
related to spalling. The results and example applications described further 
should therefore be considered as illustrations of a “thought experiment” and 
at no point are the results considered to be an accurate or reliable description 
of reality. Furthermore, the spalling model which has been chosen as a basis 
for this “thought experiment” (and will be introduced below), has been 
chosen for its simplicity and ease of implementation. The application of this 
simplified model should not be interpreted as an endorsement of this model 
for actual design calculations. As discussed further it seems that the accurate 
modelling of the spalling phenomenon is currently still a topic of active 
research. 
III.4.2. Simple models for fire-induced spalling 
Although no comprehensive and generally accepted spalling models have yet 
been developed, a number of models exist which deterministically predict the 
occurrence of spalling. The overall performance of these models is rather 
questionable as they consider only a limited number of parameters which 
influence spalling and in general no spatial distribution of spalling is 
considered. However, these models can be of value when comparing design 
alternatives and when assessing the vulnerability of the concrete element with 
respect to the spalling-phenomenon. 
 
While more complex spalling models have been introduced in for example 
(Majorana et al., 2010) and (Witek et al., 2007), a simple and practical model 
has been proposed by Dwaikat and Kodur (2009) in which spalling is related 
to a comparison of the local pore pressure Pv and the local temperature-
dependent concrete tensile strength fct(θ), taking into account the concrete 
porosity np. The spalling criterion states that if the effective local pore 
pressure npPv exceeds fct(θ), the concrete is assumed to spall at the location 
defined by equation (III.22).  
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, , ,20p v ct fct ct Cn P f k fθ θ °≥ =  (III.22) 
 
The pore pressure model of Dwaikat and Kodur (2009) is a simplified version 
of the hydrothermal model described by Bazant and Thonguthai (1979). 
Because a direct implementation of the concrete tensile strength reduction 
factor given in EN 1992-1-2 results in unrealistic spalling predictions, a 
modified reduction factor is applied by Dwaikat and Kodur, as illustrated by 
Figure III.57. Furthermore, it is assumed that the restraining effect of 
reinforcing stirrups limits the maximum depth of spalling to the nominal 
concrete cover, i.e. spalling cannot proceed further than where the stirrups are 
located.  The loading applied to the concrete slab is assumed not to influence 
the hydrothermal analysis. Therefore, the increased permeability due to 
concrete cracking is neglected and the calculated spalling effects are 
supposed to be conservative. The thermal and moisture calculations are 
coupled only with respect to the spalling of the concrete, i.e. when the pore 
pressure calculations indicate spalling of the concrete, the outer layers of the 
concrete are disregarded for all subsequent time intervals in the thermal 
calculations. According to the tests performed by van der Heijden et al. 
(2012) this decoupling of the thermal and mass transfer calculations is 
acceptable. 
An application example of the model by Dwaikat and Kodur is visualized in 
Figure III.58, for the example slab configuration of Table III.13 (with ρcem the 
cement content, RH the initial relative humidity in the concrete pores, ml0 the 
mass of water for saturation of the concrete at 20°C, and k the initial intrinsic 
concrete permeability at 20°C). This example slab configuration has been 
specifically chosen to illustrate the (preliminary) probabilistic assessment of 
spalling discussed further. Only a limited number of variables is given in 
Table III.13 since other variables such as for example the reinforcement area 
are of no importance for the calculations presented in the current section. 
As illustrated by Figure III.58 at 15 minutes of fire exposure, even close to 
the exposed surface the tensile strength is significantly higher than the 
effective pore pressure and no spalling occurs. At 34.5 minutes of fire 
exposure, the effective pore pressure has increased a little and the peak pore 
pressure has moved towards the interior of the concrete, but the high 
temperatures near the exposed surface significantly decrease the local 
concrete tensile strength and the spalling criterion of Dwaikat and Kodur 
(III.22) is reached at approximately 2 mm from the exposed surface. 
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Figure III.57: Reduction factor for the concrete tensile strength at elevated 
temperatures according to EN 1992-1-2, and alternative definition proposed 
by Dwaikat and Kodur (2009).  
 
Figure III.58: Effective pore pressure and tensile strength at 15 min and 34.5 
min of ISO 834 fire exposure.  
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The results presented here are however fully deterministic and do not take 
into account any spatial variation. Consequently, the model implicitly 
assumes that a given slab configuration deterministically exhibits spalling at 
a specific time uniformly along its entire exposed surface. These results are 
considered by many to be too unrealistic. However, when considering the 
known uncertainties with respect to basic parameters, a first assessment of 
the probability of spalling can be made. 
Table III.13: Probabilistic models for basic variables in case of the example 
slab configuration for spalling calculations 
Property Distribution Dimension Mean µ CoV δ 
fc,20°C  
(fck = 60 MPa) 
LN 
 
Mpa 82.7 0.15 
kfc(θ)  DET - θ-dependent - 
conform (Kodur and Dwaikat, 2009) 
c DET mm 20 0.25 
(σc = 5 mm) 
h DET mm 150 - 
ρcem DET kg/m³ 415 - 
RH DET - 0.9 - 
ml0 DET kg/m³ 75 - 
k DET m² 10-18 - 
III.4.3. Preliminary probabilistic assessment of the spalling 
phenomenon 
In the following paragraphs a first preliminary probabilistic assessment of 
fire-induced spalling is presented. The goal is to illustrate the combination of 
existing spalling models with stochastic methods. Consequently, results and 
methods presented further are not considered to corresponds with a realistic 
modelling of the spalling phenomenon. As discussed earlier, it seems that a 
full description of the spalling phenomenon still eludes the scientific 
community to this day. However, it is important to investigate to which 
extent the natural variability in concrete specimens can potentially explain 
part of the difficulty to accurately describe the phenomenon. As a second 
point of interest it should be evaluated if it suffices to consider only the 
nominal concrete mix to determine the spalling risk, or whether a 
probabilistic assessment is required.  
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One of the most important parameters with respect to the spalling model of 
Dwaikat and Kodur is the concrete tensile strength at 20°C: fct,20°C. According 
to (JCSS, 2007), the stochastic representation of the concrete tensile strength 
can be related to the concrete compressive strength fc,20°C through equation 
(III.23), with ηfct a stochastic multiplication factor described by a lognormal 
distribution with mean 1 and coefficient of variation 0.3. The resultant 
histogram for fct,20°C considering 10000 Monte Carlo simulations is visualized 
in Figure III.59. 
 
2/3
,20 ,200.3ct C c C fctf f η° ° =    (III.23) 
 
Figure III.59: Histogram of 10000 realization for fct,20°C.  
 
Consequently, combining the probabilistic model of (JCSS, 2007) for the 
concrete tensile strength with the deterministic model for fire-induced 
spalling of (Dwaikat & Kodur, 2009), a first stochastic assessment of the 
spalling tendency is made: the concrete tensile strength is divided in 8 classes 
as given in Table III.14. The highest class for fct,20°C has been chosen after 
simulations indicated no spalling occurred for a tensile strength larger than 
3.4 MPa. For each class the spalling behavior and the temperature 
distribution during fire are defined through the hydrothermal model proposed 
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by Dwaikat and Kodur (2009), and considering the class-specific 
representative value of fct,20°C. Figure III.60 visualizes how spalling reduces 
the effective height of the concrete slab for the different classes according to 
these calculations. Due to the restraining effect of the stirrups the minimum 
effective height of the slab is 130 mm (corresponding to spalling of the entire 
cover depth). 
 
Table III.14: Subdivision of realizations for fct,20°C in 8 classes, with fct,i the 









]0; 2.2] 1 2.1 2 0.02 
]2.2;2.4] 2 2.3 8 0.08 
]2.4;2.6] 3 2.5 18 0.18 
]2.6;2.8] 4 2.7 28 0.28 
]2.8;3.0]
 
5 2.9 49 0.49 
]3.0;3.2] 6 3.1 75 0.75 
]3.2;3.4] 7 3.3 91 0.91 
]3.4; ∞] 8 - 9729 97.29 
Total - - 10000 100 
 
Combining the results of Figure III.60 with the classification of Table III.14, 
spalling does not occur in 97.3% of the simulations. With 1.8 % of the slabs 
exhibiting spalling prior to 60 minutes of exposure. 
 
The calculations above introduce an interesting new element to the 
discussions on spalling, as a deterministic model based on characteristic 
values would consider the slab to be free of spalling. However, from a 
reliability perspective it is questionable whether a spalling probability of 
2.7% can be considered acceptable. 
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Figure III.60: Spalling behavior according to the hydrothermal model of 
Dwaikat and Kodur (2009), for the different classes for fct,20°C, as a function 
of the fire exposure time.  
 
The discussion above does not yet address the problem associated with the 
implicit assumption of uniform spalling across the entire surface of the slab. 
This can be incorporated considering more advanced models which take into 
account the interaction between mechanical stresses and the vapor pressures 
inside the pores, as e.g. (Gawin et al., 2006). However, even in these models 
locations with the same stress state will exhibit the same spalling behavior, 
resulting again in a too uniform spalling result compared to what is observed 
in experimental data.  
 
Again it seems that probabilistic considerations can provide a valuable 
addition to the discussion. Without relating to more complex computational 
models, considerable spatial variability of the spalling phenomenon is already 
observed when simply considering the spatial variability of the basic 
variables. The notion of the spatial variability of basic variables relates to the 
observation that mechanical properties may deviate slightly across the length 
and width of a concrete element. This can be modeled through random fields, 
see for example (Vanmarcke, 2010). An application of random fields to the 
Chapter III: Structural fire safety for design of concrete elements 105 
spalling phenomenon described above is illustrated below in Figure III.61 
and Figure III.62 for the exposed side of a small concrete slab panel of class 
6 (i.e. with a mean fct,20°C = 3.1 MPa) where the spatial variability of fct,20°C 
has been modeled using the exponential decay function of equation (III.24), 
with A and B two points on the slab, COV(A,B) the covariation between 
these points, τ(A,B) the distance between these points, and l the correlation 
length. The first five eigenvalues of the correlation matrix have been used to 
define a Gaussian random field, limiting the number of very small variations. 
Note that these calculations do not consider an interaction with mechanical 
stresses in the concrete, i.e. in these calculations there is no difference in the 
spalling stress state between the center of the slab and the slab corner.  
 










Figure III.61: Spatial occurrence of spalling for different ISO 834 fire 
durations, for a concrete slab of class 6, first realization of the random field. 
  
According to Figure III.61, some areas of the slab exhibit spalling earlier than 
other areas, while some areas do not exhibit spalling at all. However, if an 
uniform tensile strength equal to the mean value is considered, spalling is 
assumed to occur uniformly across the entire slab after approximately 56 
minutes, up to a depth of 18 mm (see Figure III.60). Consequently, it is clear 
that the spatial variability of basic variables can be an important parameter to 
consider when making spatial predictions of spalling. While the proposed 
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method needs to be elaborated further before it can be applied for actual 
performance-based design, the use of random fields seems promising. If the 
stochastic variation of crucial parameters as the concrete tensile strength are 
taken into account, a better estimation can be made of the reliability of 
concrete elements subject to spalling, and different design alternatives can 
more reasonably be compared. 
 
Furthermore, it should be emphasized that every random field realization will 
result in a different spatial distribution of spalling, see for example Figure 
III.62 where the same basic input variables are considered as in Figure III.61. 
 
 
Figure III.62: Spatial occurrence of spalling for different ISO 834 fire 
durations, for a concrete slab of class 6, second realization of the random 
field. 
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As a final note, it is again stressed that the spalling calculations above are not 
considered to give a realistic approximation of the phenomenon. The goal of 
this section has been to summarily elaborate on the spalling phenomen and to 
introduce probabilistic considerations in the spalling discussion. As shown 
above, taking into account probabilistic models may result in a low 
percentage of realizations exhibiting spalling. Clearly, this is not unexpected, 
but it is an important consideration to take into account when evaluating the 
safety with respect to spalling (for example for a road or train tunnel). 
Furthermore, while complex models may give very valuable insight in the 
spatial variability of the spalling phenomenon, the discussion on random 
fields clearly shows that at least part of the observed spatial variability can be 
attributed to the inherent spatial variability of the basic variables. 
III.4.4. Further notes 
The ISO 834 standard fire curve prescribed by EN 1991-1-2 can be 
considered as a severe fire. Consequently, the standard fire curve will in most 
cases exhibit an unknown safety compared to the actual natural fire. This 
unknown safety can be considered as an implicit safety margin against 
neglected adverse events such as spalling. Whenever the fire curve is 
adjusted when applying “performance-based design” (see Chapter V), the 
unknown safety margin disappears and explicit consideration of spalling 
might become necessary. 
 
Similar to the effect of fire-induced spalling, corrosion-induced spalling prior 
to the fire may reduce the fire resistance due to a loss of cross-section and an 
accelerated heating of the reinforcement. While this is rarely considered, this 
phenomenon may be of specific interest when assessing the safety of existing 
structures, see e.g. the preliminary study in (Van Coile et al., 2013b). These 
notes apply as well to concrete cover delamination due to any other 
deterioration mechanism or due to accidental damaging (e.g. collisions). 
III.5. Conclusions 
Although EN 1992-1-2 uses a semi-probabilistic design format for structural 
fire design, the safety level obtained through this design methodology is not 
known. As a first step to assess the appropriateness of the current design rules 
and as an important consideration for the current trend towards performance-
based design, the reliability index of concrete elements during standard fire 
exposure has been investigated in this chapter. 
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First, an important part of the chapter focused on the fundamental question of 
the appropriate probability density function describing the resistance effect 
during fire exposure. For elements subjected to pure bending, the proposed 
mixed-lognormal distribution is shown to give an excellent agreement with 
observed histograms for the field bending moment capacity obtained through 
crude Monte Carlo simulations. For the hogging bending moment capacity a 
traditional lognormal approximation is found to be acceptable. 
Subsequently, the reliability index βfi,tE at tE minutes of standard fire exposure 
has been evaluated, both for elements subjected to pure bending and elements 
subjected to a combination of bending moments and normal forces. Through 
these calculations the methodology for reliability calculations for concrete 
elements during fire exposure has been firmly established. Furthermore, 
parametric studies indicate the relative importance of the nominal value and 
variability of different basic variables. Based on these parametric studies it is 
concluded that the concrete cover is a very important parameter in structural 
fire safety calculations. This result is not unexpected, but especially the 
magnitude of the influence of the standard deviation of the concrete cover on 
the obtained safety level is a completely new consideration which has not 
gained much attention up to now. It is concluded that quality control can have 
a very significant influence on structural fire safety. 
The phenomenon of fire-induced spalling where the exposed outer layers of 
the concrete detach (explosively) has not been considered in the reliability 
calculations. This is based on two considerations: firstly, the current 
Eurocode design methodology gives boundary conditions which allow to 
neglect the spalling phenomenon. Therefore, assuming these boundary 
conditions are met, the obtained safety level is investigated for concrete 
elements which are not spalling, explicitly determining the safety level 
associated with the Eurocode design methodology. Secondly, no generally 
accepted and practically feasible models currently exist for predicting 
spalling. The phenomenon is however very important, especially considering 
the increased use of high performance concrete which due to its higher 
density is more prone to spalling. As summarily discussed in the last section 
of the chapter, probabilistic considerations may be very important in solving 
this conundrum since taking into account the basic variability associated with 
for example the concrete tensile strength at 20°C already gives a very 
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IV.1. Introduction 
In the previous chapter the reliability of concrete elements exposed to the 
ISO 834 standard fire has been elaborated. The current chapter focusses on 
the question of structural assessment after fire exposure: can the structure be 
used without repair or rehabilitation, or should the structure be demolished or 
repaired? As many uncertainties are associated with both the fire duration 
and the effect of elevated temperatures on the residual mechanical properties 
of the materials, the maximum service load after fire exposure should be 
assessed based on reliability considerations, aiming to provide an adequate 
level of safety. However, this type of calculation can be considered too 
complex and time-consuming for practical use. Therefore, a simplified 
calculation tool has been developed which is both user-friendly and directly 
applicable in practice. 
First two basic fundamental aspects of the proposed method are introduced: 
in section 2 the permanent loss of strength after fire exposure is briefly 
discussed, focusing mainly on the residual values to be applied in the post-
fire structural assessment, while section 3 deals with the concept of 
“assessment interaction diagrams”, a very useful tool for reliability based 
assessments in practice. A detailed overview of the proposed calculation 
method for the reliability-based post-fire assessment of concrete elements is 
described in section 4 and includes the derivation of the basic formulas. The 
method is summarized in the flowchart given in section 5. At the end of the 
chapter, different application examples are given in section 6 where the 
different formulas and methods are applied. 
IV.2. Mechanical properties after fire exposure 
Apart from aesthetic damage and concrete spalling or delamination, it is well 
established that fire exposure may result in a permanent loss of strength for 
both the concrete and reinforcement material (fib, 2008). Studies on concrete 
strength after fire exposure can be found for example in (Bingöl and Gül, 
2009) and (Annerel, 2010) and for reinforcement after fire exposure test 
results have been presented in (Felicetti et al., 2009) and (Elghazouli et al., 
2009). However, especially for reinforcement after fire exposure only a 
limited number of detailed research studies are available, and the scatter of 
the test results is rarely mentioned. 
The local residual strength is directly associated with the maximum local 
temperature θmax attained by the material. For the reinforcement this means 
that the residual reinforcement yield stress is a function of the maximum 
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temperature reached by the reinforcement during fire exposure and is 
calculated as follows (fib, 2008): 
( ) ( )
, max , max ,20y res fy res y Cf k fθ θ °=  (IV.1) 
 
where kfy,res is the residual reinforcement yield stress reduction factor and 
fy,20°C is the initial undamaged 20°C reinforcement yield stress. 
The residual mechanical properties of the reinforcing steel at a given 
maximum temperature θmax depend on the type of reinforcement (Elghazouli 
et al., 2009). Whereas hot-rolled rebars can be considered to recover 
completely after exposure to 400 °C and more, cold-drawn wires lose some 
of their strength after being heated to 400 °C (fib, 2008). Furthermore, for 
hot-rolled rebars, a distinction should be made between the quenched and 
self-tempered (QST) reinforcement popular in Europe and the carbon steel 
reinforcement often used in the United States. According to experiments by 
Felicetti et al. (2009), QST reinforcement exhibits less strength recovery. 
These results reported by Felicetti et al. have been adopted in fib Bulletin 46 
(fib, 2008).  
 
The drop in the reinforcement yield stress after exposure to a maximum 
temperature θmax is taken into account by the residual reinforcement yield 
stress reduction factor kfy,res. Values for kfy,res found in the literature are 
summarized in Table IV.1.  
 
Table IV.1: Residual properties of reinforcement after exposure to elevated 
temperatures 
θ [°C] fy,res / fy,20°C [-] 
QST reinforcement 
(Felicetti et al., 2009) 
fy,res / fy,20°C [-] 
plain hot rolled reinforcement 
(Elghazouli et al., 2009) 
20 1.0 1.00 
50 - - 
100 1.0 1.04 
200 1.0 1.04 
400 1.0 1.08 
550 1.0 - 
600 - 1.00 
700 0.7 - 
850 0.6 - 
Chapter IV: Structural safety after fire exposure 112 
Based on the test data for kfy,res summarized above in Table IV.1, a stochastic 
model for QST reinforcement is presented in Table IV.2. As limited test 
results are available, assumptions with respect to the standard deviation of the 
reinforcement residual strength have been made, based on (Felicetti et al., 
2009) and (Elghazouli et al., 2009). In the case of carbon steel reinforcement, 
the stochastic model of Table IV.2 may be modified at 700 and 850 °C with 
µkfy,res = 0.8 and 0.75 respectively, and σkfy,res = 0.05 and 0.09. However, these 
values are based on a small number of available test results. Codification of 
the mechanical properties of reinforcement after fire exposure would be 
beneficial for a more unambiguous post-fire assessment of concrete 
structures. 
Table IV.2: Parameters stochastic model kfy,res for quenched and self-
tempered (QST) reinforcement 
θ [°C] µkfy,res [-] σkfy,res [-] 
20 1.0 0.00 
50 1.0 0.00 
100 1.0 0.05 
200 1.0 0.05 
400 1.0 0.05 
550 1.0 0.05 
600 1.0 0.05 
700 0.7 0.07 
850 0.6 0.10 
 
A Beta distribution is used to describe kfy,res, symmetrical about its mean 
value and bounded by twice the standard deviation. The mean value, the 25% 
and 75% quantiles are shown in Figure IV.1. Note that the variability on 
fy,20°C is not considered in Figure IV.1 as this variability is governed by the 
lognormal distribution for fy,20°C as discussed in Chapter III. 
For the numerical validation calculations the residual elastic modulus of the 
reinforcement is considered as well. However, according to Felicetti et al. 
(2009) the initial 20°C modulus of elasticity of the reinforcement is fully 
recovered after cooling, i.e. Es,res = 200 GPa. 
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Figure IV.1: Residual reinforcement yield stress ratio kfy,res = fy,res / fy,20°C as a 
function of the maximum attained reinforcement temperature.  
 
For the concrete material the loss of strength is associated with irreversible 
chemo-physical processes during heating and with the thermal 
incompatibility of the concrete cement paste and aggregates (fib, 2008). 
Furthermore, in the first  days after fire exposure a further loss of strength 
may be witnessed, which can however be compensated by a subsequent 
rehydration, as mentioned by Felicetti & Gambarova (1998). This additional 
strength reduction after fire exposure is in the order of magnitude of 5 
percent for normal grade concrete and is recovered after approximately 900 
days (Felicetti & Gambarova, 1998), although much larger additional 
strength losses up to 30% have been measured (Annerel, 2010). From the 
perspective of a reliability-based assessment of concrete elements, this period 
of additional strength loss and subsequent recovery can be considered as a 
temporary phase for which a reduced target reliability may be considered. As 
illustrated further in this chapter, this temporary phase will generally not 
dominate the assessment and a single assessment without considering the 
temporary additional strength loss can be used. Therefore, the reference 
residual compressive strength fc,res is the compressive strength measured 
immediately after cooling down (and which should be the strength which is 
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approximately re-attained after a temporary 3-year period of additional 
strength loss and subsequent recovery. Interesting test results for fc,res have 
been presented amongst others in (Short et al., 2002) and (Poon et al., 2001), 
visualized in Figure IV.2 together with the EN 1992-1-2 curve for siliceous 
aggregates (during fire), where kfc,res is defined by: 
( ) ( )
, max , max ,20c res fc res c Cf k fθ θ °=  (IV.2) 
 
While the cooling regime and the post-cooling storage conditions do have an 
influence on the residual strength of concrete (Annerel, 2010), it is common 
to link the local residual strength directly with the maximum local 
temperature θmax attained by the material. 
 
Figure IV.2: Residual compressive strength of normal strength concrete as a 
function of the maximum temperature, together with the EN 1992-1-2 hot 
state curve for siliceous aggregates. Figure adapted from (Annerel, 2010). 
 
As illustrated by Figure IV.2, considerable scatter exists with respect to the 
test results, but the Eurocode curve for siliceous aggregates at elevated 
temperatures can be considered to be a good reference. In order to account 
for these findings in the Monte Carlo verification described further, kfc,res will 
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be described by a Beta-distribution bounded by two times the standard 
deviation. The mean value of the Beta-distribution is given by the Eurocode 
hot state curve. Furthermore, as Figure IV.2 indicates a rather constant width 
of the scatter for any given maximum temperature θmax, a constant standard 
deviation σkfc,res of 0.10 will be applied for θmax ≥ 100 °C, up to the point 
where µkfc,res – 2·0.10 < 0. For larger θmax, Vkfy,res = 0.5 (i.e. kfy,res = 0 is 
assumed as the lower bound of the Beta-distribution). At θmax = 20°C, σfc,res is 
necessarily equal to 0, and for intermediate maximum temperatures between 
20°C and 100°C linear interpolation is used. The resultant model for kfc,res is 
visualized in Figure IV.3. 
 
Figure IV.3: Residual concrete compressive strength ratio kfc,res = fc,res / fc,20°C 
as a function of the maximum attained concrete temperature. 
IV.3. Simplified reliability-based assessment of the 
maximum service load 
When designing new structures, a semi-probabilistic methodology is 
commonly used in order to account for uncertainties with respect to input 
variables, as for example the mechanical properties of structural materials, 
and to provide an adequate level of safety (Gulvanessian et al., 2002). 
Therefore, a similar reliability-based approach should be used when 
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determining the maximum service load after fire exposure. If the analysis 
would however be limited to a single deterministic calculation of the load 
bearing capacity (see for example (Venazi et al., 2009) and (Kodur et al., 
2013)), laborious and detailed analyses can be performed, but the available 
safety level remains unknown. 
However, currently no semi-probabilistic design rules are available for 
concrete elements after fire exposure, and therefore, the engineer can in 
theory only use a fully-probabilistic analysis. In practice these fully-
probabilistic calculations are too complex and time-consuming for most 
projects and furthermore, a fully-probabilistic analysis requires knowledge of 
the distributions of the stochastic variables, information that is currently 
neither codified nor readily accessible. In this chapter these difficulties are 
overcome by introducing a simplified reliability-based assessment method for 
determining the maximum service load for concrete elements after fire 
exposure. 
In most situations the permanent load Gk consists of the self-weight of the 
slab and is known or can easily be determined. Therefore, assessing the 
maximum load after fire exposure can be specified as calculating the 
maximum characteristic value of the imposed load Qk,max. Consequently, the 
method proposed has been specifically developed for the easy determination 
of Qk,max after fire exposure. However, the methodology is more generally 
applicable and can easily be adapted to other situations. 
As introduced in Chapter I, the limit state function governing a simple design 
situation can be written as: 
Z R E= −  (IV.3) 
 
where R is the resistance effect and E is the load effect. 
For Z > 0, the structure is considered to satisfy the requirements of the 
specific limit state function under consideration, whereas the structure is 
assumed to fail if Z < 0. As both the resistance of the structure and the loads 
are subject to scatter, every design can be associated with a failure 
probability Pf,tref, which corresponds to a reliability index βtref, for a reference 
period tref (Gulvenessian et al., 2002). According to the design philosophy of 
EN 1990 (CEN, 2002a), acceptable designs should correspond to a reliability 
index βtref larger than or equal to a minimum target reliability index βt,tref for 
the reference period considered: 
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[ ] [ ] ( ) ( ), ,0 0f tref tref t trefP P Z P R E β β= < = − < = Φ − ≤ Φ −  (IV.4) 
 
where P[.] is the probability operator and Φ(.) the standardized cumulative 
normal distribution function. 
For new structures with a design working life of 50 years and consequence 
class CC2 (moderate consequences of failure), EN 1990 (CEN, 2002a) 
prescribes a reliability index of 3.8 for a reference period tref of 50 years. 
Consequently, if after fire exposure the structure should be equally safe as a 
new structure, the same target reliability requirements should be used (e.g. 
the target reliability βt,tref for a reference period ttref). However, a reduced 
reliability level may be acceptable in the case of a reduced remaining lifetime 
of the structure and/or changed economic or human safety considerations 
(Sýkora et al., 2011), (Vrouwenvelder & Scholten, 2010). In such case, the 
general principles of differentiation of reliability with respect to 
consequences of failure, costs of safety measures and (residual) service life 
shall be applied (Gulvanessian et al., 2002). 
For concrete structures in normal design conditions, the resistance effect R 
can in general be described by a lognormal distribution, while the load effect 
E is a combination of the permanent load effect (normal distribution) and the 
imposed load effect (Gumbel distribution). Furthermore, lognormal model 
uncertainties KR and KE are considered, resulting in the general limit state 
function of equation (IV.5), of which equation (III.1) in Chapter III is an 
application. 
( )R EZ K R K G Q= − +  (IV.5) 
 
Considering the definition of the failure domain (Z < 0), the criterion of 
equation (IV.4) can be written as: 
( ) ( )
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where the model uncertainties have been mathematically combined into the 
resistance effect R’. As the original resistance effect R as well as both model 
uncertainties were described by a lognormal distribution, the resultant 
resistance effect R’ follows a lognormal distribution as well. 
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The characteristic values Gk and Qk of the permanent and imposed load effect 




Q Gχ = +  (IV.7) 
 
Based on the literature study by Holický and Sýkora (2010), the mean and 
standard deviation of G and Q for a 50-year reference period can be related to 
their characteristic values Gk and Qk as follows: 
G kµ G=  (IV.8) 

















Considering the definitions above, the acceptance criterion of equation (IV.6) 
can be evaluated using reliability methods for any combination of βt,tref, χ, µR’ 
/ µG and VR’. Or alternatively, the maximum allowable load ratio χmax can be 
determined for a given target reliability index βt,tref, ratio µR’ / µG, and 
coefficient of variation of the resistance effect VR’. For the sake of legibility, 
the primes for the resultant resistance effect will not be mentioned further. A 
visual representation of this maximum allowable load ratio χmax for βt,50 = 3.8 
is visualized in Figure IV.4. This type of diagram will further be denoted 
‘assessment interaction diagram’. Consequently, for any given structural 
element for which the acceptance criterion can be described by equation 
(IV.6), the maximum allowable load ratio χmax can be determined directly 
when the assessment interaction diagram is known. Under the assumption 
that a structural element after fire exposure should have the same target 
reliability as new structures designed in accordance with (CEN, 2002a), the 
assessment interaction diagram given in Figure IV.4 is applicable. For other 
reference periods or target reliabilities alternative assessment interaction 
diagrams can be determined through reliability calculations. The assessment 
interaction diagrams for βt,50 = 3.5, 3.3, 3.1 and 2.8 are given in Appendix B. 
However, for ease of use a further approximation can be used in which 
analytical formulas are obtained for the assessment interaction diagrams 
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(based on a lognormal approximation of the load effect E). The basic 
concepts of this additional approximation are described in Appendix C and 
have been applied for example in (Van Coile et al., 2014b). 
 




Once χmax has been determined, the maximum characteristic value of the 
imposed load is given by equation (IV.12) and the target reliability index 
associated with the applied assessment interaction diagram is obtained (for 











IV.4. Detailed calculation method 
As according to equation (IV.8) the mean value of the permanent load effect 
µG is equal to the characteristic value of the permanent load Gk (which is 
known or can be easily determined), only µR and VR have to be determined in 
a given situation for determining χmax. In order to maintain the user-friendly 
nature of the proposed method, both µR and VR will be assessed through 
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analytical formulas, which are however inevitably dependent on the type of 
structural element investigated. In the next pages these formulas are 
determined first for slabs subjected to pure bending, subsequently for beams 
subjected to pure bending and finally for concrete columns subjected to 
compression. 
IV.4.1. Concrete slabs subjected to pure bending 
For concrete slabs subjected to pure bending, the resistance effect R is the 










where KR and KE are lognormal model uncertainties as given in Table III.4 
based on (Holický and Sýkora, 2010) and (JCSS, 2007), KM is an additional 
lognormal model uncertainty accounting for the simplifications in the 
assessment of MR according to the proposed method, and MR itself is the 
bending moment capacity which is implicitly assumed to be lognormal as 
well, considering the lognormal nature of R. The different model 
uncertainties are analytically combined in a total model uncertainty KT for 
ease-of-use and legibility. 
 
Both the additional model uncertainty KM and the lognormality assumption of 
R will be investigated further in this chapter. 
 
The load effect E on the slab is constituted by the bending moment induced 
by the uniformly distributed permanent load gk and an (assumed) uniformly 
distributed imposed load qk. Consequently, for slabs subjected to pure 
bending the goal is to determine the maximum allowable characteristic value 
qk,max of a uniformly distributed load. 
IV.4.1.1 Analytical formulas for evaluation µR and VR 
As mentioned above, fire exposure may result in permanent damage to both 
the concrete and reinforcement. However, for simply supported solid 
concrete slabs exposed to fire from the bottom side only, the temperature rise 
in the concrete compressive zone is small, even for large ISO 834 fire 
durations: according to the temperature profiles given in Annex A of EN 
1992-1-2 (CEN, 2004b), the 300 °C isotherm reaches a depth of 100 mm 
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only after 240 min, and for a 200 mm deep slab, numerical calculations 
indicate that the upper 50 mm of the cross-section remains below 60 °C for 
up to 2 h of ISO 834 fire exposure. Consequently, no permanent damage is 
expected in the concrete compressive zone (fib, 2008), and the residual 
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(IV.14) 
with As the bottom reinforcement area, fy,res the residual reinforcement yield 
stress, d the effective depth of the slab, x the depth of the concrete 
compressive zone, h the slab thickness, c the concrete cover, Ø the 
reinforcement bar diameter, b the slab width (unit width of 1000 mm) and 
fc,20°C the initial 20°C concrete compressive strength. 
 
Equation (IV.14) implicitly assumes no reinforcement is present in the 
compression zone. This assumption is conservative, but the formulas derived 
below can be modified to take compression reinforcement into account. 
However, this does not significantly change the maximum allowable load as 
qk,max is dominated by the (weakened) bottom reinforcement and for slabs the 
incorporation of compression reinforcement has only a small effect on the 
lever arm. 
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(IV.17) 











where µ is the vector with the mean values of all variables Xi. As indicated 
in equation (IV.16), only the width of the slab b (unit width) is considered as 
a deterministic variable. However, the uncertainty with respect to the rebar 
diameter is included in the uncertainty with respect to As. This avoids 
introducing additional factors accounting for the correlation between As and 
Ø. The constituent functions Si in (IV.17) are given by: 
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(IV.21) 
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(IV.22) 
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(IV.25) 
Using the above equations, analytical formulas for evaluating µR and VR have 
been determined which allow the calculation of the maximum load ratio χmax 
after fire exposure and the associated maximum service load qk,max. 
IV.4.1.2 Probabilistic models for basic variables and incorporating data 
from inspections 
Evaluating the analytical formulas (IV.16) and (IV.18) above for µR and VR 
requires knowledge about the mean µ  and standard deviation σ of the basic 
variables. These values can be estimated based on expert judgment, literature 
data, inspections and test results, or a combination of these. 
IV.4.1.2.1 Probabilistic models for basic variables, based on literature data 
If no additional information is available, the mean and standard deviation of 
the basic variables can be chosen in accordance with literature data. The 
proposed model uncertainty KT will be presented further in section IV.4.1.4. 
Probabilistic models for the other basic variables are given in Table IV.3, 
based on (Holický and Sýkora, 2010). 
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Table IV.3: Probabilistic models for basic variables in case of the example 
slab configuration 
Symbol Dim. µ σ V 




















As mm² As,nom - 0.02 
c mm cnom 5 - 
h mm hnom 5 - 
b mm 1000 - - 
 










with s the horizontal spacing of the reinforcement bars. Note that a unit width 
of 1000 mm is considered for the slab width b. 
IV.4.1.2.2 Probabilistic model for the evaluation of the residual 
reinforcement yield stress 
Special attention should be given to the stochastic representation of the 
residual reinforcement yield stress reduction factor kfy,res as this variable 
incorporates not only the uncertainty with respect to the permanent damage 
sustained by the reinforcement at a given maximum temperature θmax, but 
also the uncertainty with respect to θmax itself and, consequently, the severity 
of the fire. 
If the maximum temperature θmax sustained by the reinforcement is known, 
µkfy,res and σkfy,res can be directly determined by interpolation in Table IV.2. If 
uncertainty exists with respect to θmax, this uncertainty can be incorporated in 
the calculation of µkfy,res and σkfy,res by first assigning a probability pθmax to 
each of the possible maximum temperatures and subsequently calculating 
µkfy,res and σkfy,res as: 
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( )( ), , max, max,kfy res fy res i i
i
k pθµ θ= ∑  (IV.27) 
( )( )( )
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where i refers to a discrete set of possible values for θmax.  
For a cost-effective preliminary assessment of the maximum service load 
after fire exposure, no direct assessment of θmax will have been made as this 
would require, for example, petrographic or colour analysis. Therefore, a first 
assessment can be based on expert judgment with respect to the fire load 
density and fire severity. If the fire load density and ventilation 
characteristics are known (or a set of possible values has been defined), these 
fire characteristics can be related to maximum temperatures inside the slab 
cross-section through numerical integration (using for example the thermal 
calculation tool presented in Chapter II). Whenever possible, it is strongly 
recommended to perform this type of thermal calculations for assessing the 
temperature distribution inside the concrete element, but although not 
computationally expensive these numerical integrations may already be too 
specialized for practical application by structural engineers. In these cases, 
the expert should relate his or her assessment of the fire severity to an 
equivalent ISO 834 fire duration. Ideally, this can be done by allocating 
probabilities pRx to the ISO 834 fire durations Rx, for which temperature 
profiles are given in EN 1992-1-2 (CEN, 2004b). An example of this 
allocation of probabilities is given in Table IV.4. Note that the sum of the 
allocated probabilities pRx should be equal to 1. 
Table IV.4: Example of allocation of probabilities to ISO 834 fire durations 
given in EN 1992-1-2 based on expert judgment 
Equivalent ISO 834 
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As EN 1992-1-2 gives temperature diagrams for the ISO 834 fire durations 
listed in Table IV.4, the reinforcement temperature θmax associated with each 
of these fire durations can easily be determined by interpolation in the 
Eurocode graphs. Given the rebar diameter Ø and a discrete value for the 
concrete cover c, every ISO 834 duration Rx is directly related to a value of 
θmax. Consequently, µkfy,res(c) and σkfy,res(c) can be calculated as follows: 
( ) ( )( )
, ,
,kfy res fy res Rx
Rx
c k Rx c pµ = ∑
 (IV.29) 























Because considerable uncertainty may exist with respect to the concrete 
cover c, equations (IV.29) and (IV.30) should be determined for a set of 
possible values for ci. Referring to the Beta-distribution used for describing 
the probability density function of the concrete cover in Chapter III (Table 
III.1), discrete values of ci and associated probabilities pci are given in Table 
IV.5, calculated by subdividing the Beta distribution for the concrete cover in 
6 zones and integrating the probability density function across each zone. The 
ci values indicated in Table IV.5 are the central points for each of these 
intervals. Once µkfy,res(ci) and σkfy,res(ci) have been determined for each of the 
discrete ci-values, the predictive values of µkfy,res and σkfy,res are given by 
(IV.31) and (IV.32). 
Table IV.5: Discrete values ci for the concrete cover and associated 
probabilities pci 
ci [mm] Probability pci 
µc – 2.5σc 0.02 
µc – 1.5σc 0.15 
µc – 0.5σc 0.33 
µc + 0.5σc 0.33 
µc + 1.5σc 0.15 





kfy res kfy res i ci
c
c pµ µ= ∑
 (IV.31) 
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( )( )( ) ( )2 2, , , ,
i i
kfy res kfy res i kfy res ci kfy res i ci
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c p c pσ µ µ σ= − +∑ ∑
 
(IV.32) 
Alternatively, the number of calculations can be reduced by evaluating 
equations (IV.29) and (IV.30) directly for a reference concrete cover cref = µc 
– σc as in (Van Coile et al., 2014b), but this introduces additional deviations 
due to the deterministic approximation of the uncertain reinforcement 
position, while the evaluation for different discrete concrete covers can very 
easily be implemented in a spreadsheet. 
IV.4.1.2.3 Incorporating data from inspections and tests 
Inspections and tests may provide valuable data that can be incorporated 
directly in the calculations. Current practice focuses on destructive and non-
destructive testing to assess the concrete degradation due to high 
temperatures (Annerel, 2010). However, due to the non-linear distribution of 
the maximum temperatures reached inside the concrete (see Chapter I) and 
the dependence of the residual concrete strength on these maximum 
temperatures, it is very difficult to determine the concrete compressive 
strength directly by testing a set of concrete samples taken from the structure 
after fire exposure. Similarly, destructive testing of the residual 
reinforcement yield stress would result in further damage to the structure. 
Therefore, various methods have been proposed for determining the 
maximum temperatures reached inside the structure, subsequently allowing 
an evaluation of the residual concrete compressive strength and 
reinforcement yield stress. Examples include but are not limited to 
petrographic analysis to detect the degradation of hydrated cement (Ingham, 
2009), image analysis to detect temperature-induced colour changes of the 
concrete (Annerel and Taerwe, 2011), and thermogravimetric analysis 
(Alarcon-Ruiz et al., 2005). This petrographic or colour analysis of concrete 
core samples taken from the exposed surface may permit for a direct estimate 
of θmax through the application of equations (IV.27) and (IV.28). 
However, large uncertainties exist with respect to the residual properties 
since all the methods mentioned above can be associated with measurement 
uncertainties, and further uncertainties are introduced when calculating the 
residual mechanical properties from the measured maximum temperatures. 
Therefore, it seems reasonable to make a first assessment of the temperatures 
inside the reinforced concrete element based on well-established thermal 
calculations, of which the developed thermal calculation tool mentioned in 
Chapter II is an example. For known gas temperatures, these calculations are 
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both reliable and fast, and furthermore, Annex A of EN 1992-1-2 (CEN, 
2004b) gives temperature distributions for concrete elements exposed to the 
ISO 834 standard fire. These given temperature distributions allow 
practitioners to make a first assessment based on an equivalent ISO 834 
standard fire duration if no detailed thermal calculations are available. 
Furthermore, the sample mean and standard deviation of concrete cores taken 
from an unexposed section of the structure or from the unexposed side of the 
slab, are an estimation of µ fc,20°C and σfc,20°C in accordance with the method of 
maximum likelihood (Benjamin & Cornell, 1970). Alternatively, test data can 
be used to update prior information using Bayesian statistics (Caspeele & 
Taerwe, 2010). Similar considerations are possible with respect to slab 
thickness, concrete cover, reinforcement area and the 20 °C reinforcement 
yield stress. However, determining fy,20°C will necessarily involve taking 
samples of the reinforcement followed by destructive testing. If destructive 
testing of the heated reinforcement is an option, kfy,res can be determined, or 
fy,res can be determined directly. However, a sufficiently large number of 
destructive tests should be performed in order to compensate for the inherent 
variability encountered during testing. As these tests may be expensive, the 
recommendation is to make an initial assessment based on expert judgment 
and equations (IV.29)-(IV.32), or based on equations (IV.27)-(IV.28) if 
thermal calculations for determining the maximum temperatures inside the 
cross-section are readily available. If the calculated maximum service load is 
much lower or higher than the value required for continued use, it may not be 
necessary to conduct further tests. However, if qk,max is near the value of qk 
desired for further use, additional testing or a more detailed calculation of the 
structural resistance is recommended. The recommended number of 
additional tests can be determined as a function of the desired accuracy, as 
explained in (Caspeele & Taerwe, 2012) for the characteristic concrete 
compressive strength. 
IV.4.1.3 The lognormality assumption for MR 
The assessment interaction diagram of Figure IV.4 is based on the 
assumption of lognormality for R. As the respective model uncertainties all 
are lognormal, this implies a lognormal distribution for the post-fire bending 
moment capacity MR. In order to check this implicit assumption, the moment-
curvature calculation tool presented in Chapter II is adapted to consider the 
post-fire mechanical properties of the concrete and reinforcement material. 
The stress-strain relationship for concrete is modeled by the Sargin model of 
equation (IV.33), where the parameter k and the material property εc1,θmax are 
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given by equations (IV.34) and (IV.35) as presented in (Annerel, 2010). It 
should be noted that (IV.34)-(IV.35) are only acceptable up to approximately 
500°C. Therefore, these equations can be applied for the current analysis 
where the concrete compression zone is not directly exposed to fire, but not 
for example when assessing the residual capacity of concrete beams or 
columns described further. The residual concrete compressive strength 
fc,res(θmax) is given by equation (IV.2) and the associated stochastic model, 
and εc1,20°C is taken from EN 1992-1-2 (CEN, 2004b) as 0.0025. The post-
peak behavior is described by a linear descending branch up to an ultimate 
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max1.468 10 1.718k θ−= − ⋅ +  (IV.34) 
( )6 2 31, max 1,20 max max9.658 10 2.607 10 1.034c c Cθε ε θ θ− −°= ⋅ − ⋅ +  (IV.35) 
According to (Felicetti et al., 2009), the reinforcement modulus of elasticity 
Es fully recovers after exposure to elevated temperatures. Consequently, the 
reinforcement material model is given by a linear branch up to the residual 
yield stress as defined by equation (IV.1) and the associated stochastic model 
of Table IV.2, followed by a yielding plateau up to a strain εst of 0.15 and a 
linear descending branch from εst up to the ultimate strain εsu, based on the 
temperature-independent model prescribed by EN 1992-1-2 (CEN, 2004b). 
The moment-curvature calculation tool is used to determine the entire post-
fire moment-curvature diagram for 10000 Monte Carlo simulations, 
considering also the basic uncertainties with respect to for example fc,20°C, 
fy,20°C and c as presented in Table IV.3. The nominal values for the basic 
parameters are chosen in accordance with slab type A (Table III.1). 
Subsequently, for every realization of the M-χ diagram the maximum value 
of M defines the residual bending capacity MR,res,tE, for a given ISO 834 fire 
duration tE. These individual realization are combined into a histogram of 
which some examples are visualized in Figure IV.5. 
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Figure IV.5: Observed histogram ‘A’ of MR,res,tE for different ISO 834 
durations tE, lognormal approximation ‘LN’ and mixed-lognormal 
approximation ‘Mixed LN’. 
 
Up to 150 minutes of ISO 834 fire duration, the histogram can be 
approximated by a lognormal distribution (p-value > 0.10), but for larger 
standard fire durations neither a normal, nor a lognormal distribution is 
acceptable. However, as an ISO 834 fire duration of more than 150 minutes 
can be considered a very severe fire, most practical applications will be 
associated with smaller standard fire durations and consequently, the 
lognormal approximation used for the assessment interaction diagram given 
in Figure IV.4 is acceptable for most applications. 
For larger fire durations (or smaller nominal concrete covers), MR,res,tE can be 
approximated by a mixed-lognormal distribution as shown in Figure IV.5, 
although the approximation is slightly less appropriate than for the bending 
capacity during fire (see Chapter III). 
The validation of the lognormality assumption presented above has been 
elaborated for known (i.e. deterministic) fire durations tE. When the fire 
duration is relatively well known, the lognormal approximation is shown to 
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be an acceptable approximation. However, when very distinct possible fire 
durations tE are considered, each with non-negligible probability, the overall 
distribution of the residual bending moment capacity MR,res can be written as: 
, , ,R res tE R res tE
tE
M p M= ∑
 (IV.36) 
with ptE the probability associated with the discrete fire durations tE. 
Clearly, if the lognormal constituents MR,res,tE are distinctly different (which is 
not the case for small fire durations), the overall distribution MR,res is 
described mathematically by a mixed-lognormal distribution as indicated by 
equation (IV.36). For these situations a safe first assessment can be made by 
considering only the largest of the possible fire durations for determining 
χmax. 
IV.4.1.4 The additional model uncertainty KM 
The model uncertainty KM considers the deviations introduced by the 
analytical formula (IV.14) compared to the numerical calculations for MR 
based on the cross-section equilibrium. 
 
Using the same set of random values both equation (IV.14) and the numerical 
calculation tool are evaluated and the ratio kM of the analytical result to the 
numerical result is determined. These individual kM-values  can be considered 
as a sample from the population describing the model error KM (Ditlevsen & 
Madsen, 1996). Histograms of kM are visualized in Figure IV.6 for a set of 
ISO 834 fire durations tE, together with the proposed tE-independent KM 
which is described by a lognormal distribution. 
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Figure IV.6: Observed histogram ‘A’ of kM, together with the proposed model 
for KM (lognormal distribution with µKM = 1.004 and VKM = 0.003). 
 
Investigating Figure IV.6, it is concluded that equation (IV.14) gives an 
excellent approximation of the numerical calculations since the maximum 
observed value for kM is smaller than 2%. Furthermore, the suggested model 
for KM with mean 1.004 and coefficient of variation 0.003 can be considered 
conservative for all tE as both the mean value and the coefficient of variation 
have been chosen adequately large to result in a conservative assessment of 
the upper range of KM for all tE, i.e. the mean of KM corresponds with a large 
quantile for each of the tE-dependent observed histograms and the right-hand 
tail of KM is a conservative approximation for each of the individual 
histograms. The conservative assessment of KM ensures a conservative 
evaluation of µR and VR, considering equation (IV.13).  
 
Having defined the additional model uncertainty KM, the parameters of the 
total model uncertainty KT can be calculated as: 
 
ln ln ln lnKT KR KE KMµ µ µ µ= − −  (IV.37) 
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2 2 2
ln ln ln lnKT KR KE KMσ σ σ σ= + +  (IV.38) 
 
with µ lnX and σlnX the parameters of the lognormally distributed variable X 
with mean µX, standard deviation σX and coefficient of variation VX = σX / µX, 
defined by equations (IV.39)-(IV.40), (Benjamin & Cornell, 1970): 
 
( ) 2ln ln1ln 2X X Xµ µ σ= −  (IV.39) 
( )2ln ln 1X XVσ = +  (IV.40) 
 
Combining the proposed model for KM with the models for KR and KE from 
Table III.4, the mean and coefficient of variation of KT can be considered as 
1.1 and 0.14 respectively. 
IV.4.1.5 Validation of the obtained safety level 
IV.4.1.5.1 Example application and obtained safety level in case of a 
deterministic fire exposure 
As described above, the proposed simplified assessment method aims to 
determine the maximum allowable imposed load after fire exposure which 
results in a reliability index βtref for a reference period tref which is at least 
equal to a target reliability index βt,tref. As applied in the assessment 
interaction diagram of Figure IV.4, βt,tref = 3.8 for a 50-year reference period 
and consequence class CC2 (CEN, 2002a). Another target value βt,tref could 
be chosen based on considerations of economy and life safety, see for 
example the methodology described in (Rackwitz, 2002). In this section, the 
reliability which is actually obtained through the proposed assessment 
method is investigated as a validation of the concept. Given the small number 
of temperature diagrams given in EN 1992-1-2 (CEN, 2004b), it is expected 
that in many practical situations the post-fire assessment will be applied 
considering a single (conservatively assessed) ISO 834 fire duration. 
Consequently, the first part of the validation focusses on this situation and the 
methodology is applied for deterministic ISO 834 fire durations tE of 30, 60, 
90, 120, 180 and 240 minutes (i.e. temperature diagrams 
R30/60/90/120/180/240 in EN 1992-1-2). 
Considering the concrete cover discretization of Table IV.5 and the basic 
parameters of slab type A (Table III.1, i.e. µc = 35 mm, σc = 5 mm and Ø = 
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10 mm), reinforcement temperatures are assessed in Table IV.6 for different 
reinforcement positions a and ISO 834 fire durations tE, with a = c + 0.5 Ø. 
Table IV.6: Maximum reinforcement temperature θmax as a function of tE and 
the reinforcement position a 
θmax [°C] for different tE [min] 
ai [mm] 30 60 90 120 180 240 
27.5
 
249 414 516 590 696 772 
32.5 203 360 461 535 641 719 
37.5 165 313 411 484 591 669 
42.5 135 272 367 438 544 623 
47.5 111 236 327 397 502 580 
52.5 93 205 292 360 463 541 
 
For every θmax considered in Table IV.6 the mean and standard deviation for 
kfy,res are determined through linear interpolation in Table IV.2 (results given 
in Table IV.7). As only a single tE (or Rx) is considered, the evaluation of 
(IV.29) and (IV.30) is trivial. Subsequently, the models for different 
reinforcement positions are combined through (IV.31)-(IV.32) and the 
probabilities given in Table IV.5, resulting in the values given in the final 
row of Table IV.7. 
Table IV.7: µkfy,res and σkfy,res associated with the θmax of Table IV.6, together 
with the final overall model, for different tE 
µkfy,res [-] / σkfy,res [-] for different tE [min] 
ai [mm] 30 60 90 120 180 240 
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Having determined the parameters describing kfy,res for different fire durations 
tE, equations (IV.16)-(IV.25) can be applied to evaluate µR and VR 
considering the stochastic parameters of Table III.1. Results are given in 
Table IV.8. 
Table IV.8: µR and VR as a function of the fire duration tE 
µR [kNm] and VR [-] for different tE [min] 
 30 60 90 120 180 240 
µR 77.7 77.7 77.7 77.7 75.9 66.8 
VR 0.17 0.17 0.17 0.17 0.18 0.22 
 
These results can be applied in Figure IV.4 as soon as the bending moment 
µG induced by the permanent loads is determined. For a one-way load bearing 









with l the slab span. 
While in real-life situations the permanent load gk is well known or can be 
easily determined, Figure IV.4 can also be applied to determine the 
theoretical maximum allowable combinations for given VR of the uniformly 
distributed permanent load gk and imposed load qk by evaluating different 
ratios of µR / µG and associated χmax along the vertical line defined by this 
specific value of VR. More generally stated, the maximum allowable 
combinations of MGk and MQk can be determined (avoiding further 
assumptions with respect to the slab span and the support conditions). Results 
for these maximum allowable combinations of MGk and MQk associated with 
the µR and VR of Table IV.8 are visualized in Figure IV.7, together with the 
maximum allowable combination of MGk and MQk prior to fire according to 
the requirements of EN 1992-1-1(CEN, 2004a). 
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Figure IV.7: Maximum allowable combinations for the characteristic values 
of the bending moment MGk induced by the permanent load and the bending 
moment MQk induced by the imposed load. 
 
As expected, the maximum allowable characteristic values of the load effects 
decrease for larger fire exposure durations. However, it may seem strange 
that from 30 to 120 minutes of standard fire exposure the maximum 
allowable load is a little higher than the “prior to fire” maximum allowable 
load according to the calculation methods of EN 1992-1-1 (CEN, 2004a). 
However, the goal of the proposed simplified calculation method has been to 
obtain the Eurocode target reliability index of 3.8 directly. This goal is 
verified further in Figure IV.8. Complying with the Eurocode design 
calculations “prior to fire” was not considered as a boundary condition. 
Furthermore, it may seem unexpected that no reduction of the allowable load 
occurs up to 120 minutes. However, this can readily be explained by the full 
recovery of the reinforcement yield stress for exposures below 600 °C (Table 
IV.2), together with the compressive zone of the slab not being heated above 
200°C. 
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The probabilities of failure Pf,50 (50 year reference period) associated with the 
theoretical maximum allowable loads of Figure IV.7 are determined using 
FORM, based on the mixed-lognormal approximation for MR,res,tE (visualized 
in Figure IV.5).  
The results for the reliability index β50 given in Figure IV.8 confirm the 
concept of the simplified assessment method when considering a single 
deterministic fire duration tE: the target reliability of 3.8 is very closely 
achieved for all investigated fire exposures. For small fire exposures (and 
even for the assessment of existing structures which have not been exposed to 
fire), the proposed simplified assessment method more closely approaches 
the target reliability of 3.8 than the design concepts of EN 1992-1-1, while 
nevertheless resulting in a conservative assessment.  
 
Figure IV.8: Reliability β obtained when applying the maximum allowable 
loads of Figure IV.7 as a function of the ISO 834 fire exposure tE (50 year 
reference period). 
 
It is concluded that the proposed methodology gives satisfactory results when 
considering a (conservatively assessed) deterministic fire duration tE. As 
visualized in Figure IV.9, more conservative results are obtained when 
modifying the rounding for the coefficient of variation for the total model 
uncertainty KT to 0.15 instead of 0.14. The actual mathematical result for VKT 
is an intermediate value. For tE = 240 min, the change of VKT does not affect 
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(the rounded value of) VR and consequently, the same maximum allowable 
load and associated reliability index are obtained. 
 
Figure IV.9: Reliability β obtained when applying VKT = 0.15 instead of 0.14.  
 
As noted in IV.2, after fire exposure a further temporary strength loss of the 
concrete material may occur. This temporary phase of approximately 3 years 
may require a temporary reduction of the maximum allowable imposed load. 
On the other hand, the temporary nature of this intermediate phase may allow 
for a reduction of the target reliability index (Holický, 2013). If no increased 
risk to loss of human life is accepted, the requirement of a low probability of 
death due to structural failure governs the reliability requirement 
(Vrouwenvelder & Scholten, 2010). Considering a reference period of 36 
months, Caspeele et al. (2013) indicate a target reliability of approximately 
3.4. As both the target reliability index and the reference period are different 
from those applied in Figure IV.4, an alternative assessment interaction 
diagram has to be calculated for the assessment of the temporary phase. The 
basic methodology for determining this interaction diagram remains 
unchanged. While both the resistance effect and the load effect induced by 
the permanent loads are independent of the reference period, the parameters 
of the Gumbel distribution describing the imposed load depend on tref. These 
parameters of a Gumbel distribution can be calculated as: 
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(IV.43) 
with tref the adjusted reference period and t0 the initial reference period (i.e. 
50 years as applicable for equations (IV.10)-(IV.11)). 
Consequently, σtref = σt0 and is given for the imposed load effect Q by 









The parameter u of the Gumbel distribution is directly related to the mean µ  
in conjunction with the parameter a, and for the imposed load effect Q 
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Based on the equations above, the assessment interaction diagram for a 
reference period of 3 years and a target reliability of 3.4 is given in Figure 
IV.10. Comparing Figure IV.10 with the original assessment interaction 
diagram of Figure IV.4, the maximum allowable load ratio χmax for a given VR 
and µR / µG increases. Consequently, for the same resistance effect µR and VR, 
a higher characteristic value of the imposed load is allowable when 
considering the temporary phase, since the target reliability index is reduced. 
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Figure IV.10: Assessment interaction diagram for βt,tref = 3.4 and tref = 3 
years. 
 
However, in the temporary phase the resistance effect is subject to a 
temporary loss of strength of the concrete material. This loss of strength can 
be conservatively considered when evaluating equations (IV.15)-(IV.25) by 
considering a characteristic concrete compressive strength fck of 0.7·fck,20 (as 
this is an upper bound for the temporary additional strength loss mentioned in 
literature, as discussed above in section IV.2). Consequently, Table IV.8 is 
recalculated as: 
Table IV.9: µR and VR as a function of the fire duration tE for the temporary 
phase of (additional) concrete strength loss 
µR [kNm] and VR [-] for different tE [min] 
 30 60 90 120 180 240 
µR 76.5 76.5 76.5 76.5 74.8 65.9 
VR 0.17 0.17 0.17 0.17 0.18 0.21 
 
The associated maximum allowable load combinations for MGk and MQk 
obtained through Figure IV.10 are compared in Figure IV.11 with the 
maximum allowable loads for the long term assessment (visualized in gray, 
corresponding with Figure IV.7). It is concluded that for the post-fire 
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assessment of solid concrete slabs, the temporary phase with reduced 
concrete compressive strength does not require a temporary reduction of the 
imposed load. This conclusion has been obtained without making any 
concessions with respect to the probability of death due to structural failure. 
Consequently, for the post-fire assessment of slabs a single evaluation using 
the long-term assessment interaction diagram of Figure IV.4 suffices. 
 
Figure IV.11: Maximum allowable combinations for the characteristic values 
of the bending moment MGk induced by the permanent load and the bending 
moment MQk induced by the imposed load, for the temporary phase 
assessment (black curves) and the normal long-term (50 year reference) 
assessment (grey curves). 
IV.4.1.5.2 Example application and obtained safety level in case of an 
uncertain fire exposure 
When the fire exposure is uncertain, the parameters describing the reduction 
factor for the reinforcement yield stress are calculated through (IV.27)-
(IV.28) or (IV.29)-(IV.30), for a single value of the concrete cover c. 
Whenever possible, equations (IV.27)-(IV.28) should be preferred and the 
maximum attained reinforcement temperature should be determined through 
numerical temperature calculations or approximate solutions (as for example 
the approximate solution proposed by Wickström (1986), as applied in 
(Kodur, 2013)). However, for practical feasibility a more crude assessment 
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can be made based on the temperature profiles given in EN 1992-1-2 (CEN, 
2004b). However, this restricts the number of possible fires to a very limited 
set of ISO 834 standard fire durations. 
Considering probabilities tE for the different possible ISO 834 fire durations, 
the overall probability density function for MR,res is given by (IV.36). 
Consequently, MR,res is mathematically described by a mixed-lognormal 
distribution and the assessment interaction diagram of Figure IV.4 is an 
approximation. However, this approximation gives good results as long as the 
possible fire durations are not too separated and the probabilities ptE are 
concentrated. 
The slab configuration of Table III.1 (as evaluated in Table IV.9) is assessed 
for two uncertain fire exposures A and B, for which probabilities are given in 
Table IV.10. 
Table IV.10: Allocation of probabilities to ISO 834 fire durations given in 
EN 1992-1-2 for two example situations A and B 
Equivalent ISO 834 
duration tE [min] 
Probability ptE [-] 
situation A situation B 
0 0.0 0.0 
30 0.0 0.0 
60 0.15 0.0 
90 0.75 0.0 
120 0.10 0.33 
180 0.0 0.34 
240 0.0 0.33 
 
While for situation A the possible fire durations are concentrated close to 90 
minutes, the probabilities for situation B are evenly dispersed between 120, 
180 and 240 minutes of exposure. 
Applying the methodology of equations (IV.29)-(IV.32), µkfy,res and σkfy,res are 
given in Table IV.11, together with µR and VR determined through equations 
(IV.15)-(IV.25). 
Table IV.11: µkfy,res and σkfy,res associated with situations A and B 
 situation A situation B 
µkfy,res [-] 1.00 0.94 
σkfy,res [-] 0.05 0.11 
µR [-] 77.7 73.5 
VR [-] 0.17 0.20 
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As could be expected, situation A results in the same µR and VR as found in 
Table IV.8 for deterministic fire durations tE, since for these fire durations tE 
Table IV.8 gives the same values for µR and VR. Consequently, the maximum 
allowable load combinations of Figure IV.7 apply, and the obtained 
reliability index has already been validated in Figure IV.8. Therefore, the 
simplified assessment method is proven to be acceptable for the uncertain fire 
duration of situation A. 
For situation B the maximum allowable load combinations are determined in 
accordance with Figure IV.4 and the obtained reliability is evaluated 
considering the combination of mixed-lognormal distributions as defined by 
(IV.36) (i.e. (IV.36) defines a mixed-mixed-lognormal distribution, which 
mathematically reduces to a mixed-lognormal distribution). The obtained 
reliability index is visualized in Figure IV.12. 
 
Figure IV.12: Reliability index β obtained when applying the simplified 
assessment method for situation B (50 year reference period). 
 
According to the results visualized in Figure IV.12 the proposed method does 
result in an overall obtained reliability index for situation B which closely 
matches the target reliability of 3.8. However, for specific combinations of 
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constituent probabilities ptE, the obtained reliability index may drop below 
3.8 (for example in case of a higher probability ptE=240min). Furthermore, the 
reliabilities associated with the constituent fire durations of 120, 180 and 240 
minutes strongly differ. In case the actual fire duration can be classified as 
240 minutes ISO 834, the obtained reliability index will be considerably 
below the target of 3.8, while for the other constituent fire durations 
reliabilities much larger than the target reliability index are found, as 
indicated in Figure IV.12. Consequently, in these situations it seems 
appropriate to perform additional tests or calculations to improve the prior 
probabilities for the fire duration to a more precise assessment. Alternatively, 
if the possible fire durations are both large (relative to the concrete cover) 
and distinct to each other, a first conservative assessment can be made using 
only the largest of the considered tE-values. 
Interestingly, the overall reliability index obtained for situation B does not 
change if the coefficient of variation for KT is rounded to 0.15 as 
approximately the same total values for µR and VR are obtained as for VKT = 
0.14. Consequently, changing VKT to 0.15 does not alter the maximum 
allowable load combinations (when values of µR and VR are rounded as would 
be the case in practical situations). 
Overall it is concluded that the proposed simplified assessment method is an 
easy-to-use and very reliable method to assess the residual load-bearing 
capacity for concrete slabs after fire exposure. The method can readily be 
adapted for a full probabilistic assessment of the maximum allowable load 
for existing structures which have not been exposed to fire. 
IV.4.2. Concrete beams subjected to pure bending 
The assessment method elaborated above for concrete slabs is easily adapted 
for the post-fire evaluation of the maximum load-bearing capacity of concrete 
beams subjected to pure bending. A single reinforcement layer is assumed, 
but the methodology described below can easily be extended to more general 
situations. Furthermore, neglecting any compression reinforcement can be 
considered conservative and will in most situations result in only minor 
deviations for the maximum allowable load. 
As in the post-fire assessment of concrete slabs, the assessment interaction 
diagram of Figure IV.4 is applicable for a target reliability index of 3.8 (50 
year reference period) when all model uncertainties are combined in the 
resistance effect R: 









While identical to equation (IV.13) for concrete slabs, the model uncertainty 
KM has to be re-evaluated (as will be discussed further). Considering the 
lognormality assumption of R and the model uncertainties, MR is again 
implicitly assumed to be described by a lognormal distribution. The load 
effect E on the concrete beam is the combination of the permanent load effect 
MG and the imposed load effect MQ. As the permanent load effect can be 
evaluated rather straightforward through a traditional calculation of load 
transfer paths, determining the maximum allowable load after fire exposure 
corresponds with determining the maximum allowable imposed load MQ,max. 
IV.4.2.1 Analytical formulas for evaluating µR and VR 
The concrete beam is exposed to fire from three sides, i.e. the top side of the 
beam is cooled by conduction to the (concrete) floor system above. However, 
for computational purposes and in order to have a conservative starting 
position, this beneficial effect is neglected and an adiabatic boundary 
condition is assumed for the unexposed side. Especially for small cross-
sections and large fire durations this adiabatic boundary condition results in 
conservative approximations. 
A common method to evaluate the response of concrete structures exposed to 
fire is to neglect the strength loss of the concrete below 500°C and to assume 
complete loss of strength of concrete above 500°C. This simplified method is 
allowed by EN 1992-1-2 (CEN, 2004b) for the design of concrete structures 
exposed to fire (i.e. during fire) and has been applied by Kodur et al. (2013) 
for the post-fire assessment of concrete columns. Furthermore, a similar 
approach has implicitly been used for the post-fire assessment of concrete 
slabs described in the previous section as no reduction for the concrete 
compressive strength was considered. Since the compressive zone of a 
concrete slab is not nearly heated to 500°C in reasonable fire exposures, the 
determination of the specific isotherm to be considered for the loss of 
strength criterion was of no importance. However, this may not be the case 
for the post-fire assessment of concrete beams and therefore the appropriate 
isotherm will be determined further. The concept of the isotherm method is 
illustrated in Figure IV.13. 
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Figure IV.13: Conceptual visualization of the limiting isotherm method for 
the concrete compressive strength in a beam cross-section subjected to fire 
from three sides. Figure adapted from (Dierynck, 2014). 
 
Accepting the basic concept in which a specific isotherm divides the concrete 
cross section in a zone without strength loss and a zone with complete 
strength loss, the bending capacity MR,res of a concrete beam after fire 
exposure can be written as: 
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with Fs,res the sum of the yield force for the reinforcement bars, as given by 









with Øj the diameter of the j-th reinforcement bar and fy,res,j the residual yield 
stress of the j-th reinforcement bar. 
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If all reinforcement bars have the same diameter and can be considered to 
have attained the same maximum temperature θmax, or if an averaged residual 
yield stress is applied, (IV.48) can be simplified to (IV.49) with As the total 
reinforcement area: 
, , , ,20s res s y res s fy res yF A f A k f= =  (IV.49) 
 
Accepting equation (IV.49) to maintain the ease-of-use of the proposed 
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In comparison to the equations for the assessment of concrete slabs, two 
additional terms S8 and S9 have been added for the evaluation of σR, 
corresponding with the contribution of the uncertain beam width b and the 
uncertain depth of the limiting isotherm iθ. These constituent equations Si are 
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IV.4.2.2 Probabilistic models for basic variables and incorporating data 
from inspections 
The mean value and standard deviation of the basic variables can be assessed 
through measurements or based on literature data. Basic models and values 
have been presented in IV.4.1.2.1 when discussing the input data required for 
the post-fire assessment of concrete slabs. These models for fc,20°C, fy,20°C, As, c 
and h can be used for concrete beams as well. Furthermore, in absence of 
measurement data the stochastic model for the beam width can be taken as 
(Holický and Sýkora, 2010): 
 Table IV.12: Probabilistic models for basic variables in case of the example 
slab configuration 
Symbol Dim. µ σ V 
b mm bnom 5 - 
 
IV.4.2.2.1 Probabilistic model for the evaluation of the residual 
reinforcement yield stress 
As mentioned above in equation (IV.48), the total residual reinforcement 
force Fs,res is the summation of the residual force of the separate 
reinforcement bars. As the bottom corners of the beam are heated from two 
sides, the corner reinforcement bars attain a higher maximum temperature 
θmax than the more central rebars (see Figure IV.13). Therefore, the overall 
residual reinforcement yield stress of equation (IV.49) can be evaluated by 
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If the diameter Ø is equal for all reinforcement bars, (IV.62) can be written 
as: 
2















∅  (IV.63) 
 
with n the number of reinforcement bars. Consequently, the overall residual 
reinforcement yield stress is simply the mean of the residual reinforcement 
yield stress for the individual reinforcement bars. 
Therefore, if for every reinforcement bar j a mean value µkfy,res,j has been 
determined, the mean of the overall reinforcement yield stress reduction 












The constituents µkfy,res,j for this mean value µkfy,res of the reduction factor 
kfy,res are given by equations (IV.65) and (IV.66). First kfy,res is evaluated for 
each of the reinforcement bars for different fire severities tE and a discrete set 
of possible positions xi, yi. The considered positions xi, yi are given in Table 
IV.13 for corner reinforcement bars and in Table IV.14 for central 
reinforcement bars, together with their associated occurrence probabilities 
based on a discretization of the possible rebar positions considering the Beta 
distribution describing the uncertain concrete cover. The concept of the 
discretization is illustrated in Figure IV.14 for the corner rebar.  
 
Table IV.13: Positions (xi, yi) and associated probability pxiyi for corner 
reinforcement
 
xi [mm] yi [mm] pxiyi 
µc – 2σc + Ø /2 µc – 2σc + Ø /2 0.03 
µc – 2σc + Ø /2 µc + 2σc + Ø /2 0.03 
µc – 2σc + Ø /2 µc + Ø /2 0.11 
µc + Ø /2 µc – 2σc + Ø /2 0.11 
µc + 2σc + Ø /2 µc – 2σc + Ø /2 0.03 
µc + Ø /2 µc + Ø /2 0.69 
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Table IV.14: Positions (xi, yi) and associated probability pxiyi for central 
reinforcement 
xi [mm] yi [mm] pxiyi 
b / 2 µc – 2σc + Ø /2 0.17 
b / 2 µc + Ø /2 0.83 
 
 
Figure IV.14: Discretization of the rebar positions as applied in Table IV.13. 
 
The obtained values for kfy,res are combined by equation (IV.65) across the 
different fire severities tE, after which equation (IV.66) integrates across the 
different positions xi, yi. Finally, equation (IV.64) takes the average of the 
different rebars to obtain an average kfy,res as in equation (IV.50). Note that 
for many practical situations it suffices to evaluate kfy,res,j for a single corner 
rebar and a single central rebar and apply these values for other rebars. If the 
reinforcement temperature is evaluated directly, probabilities pθmax,i can be 
assigned and equation (IV.27) can be applied. Alternatively, for a first 
assessment probabilities ptE should be assigned to the ISO 834 fire durations 
tE for which temperature profiles are given in EN 1992-1-2 (CEN, 2004b): 
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Evaluating the overall standard deviation σkfy,res is less straightforward as the 
reduction factors kfy,res are correlated through the material model (if the rebars 
are from the same reinforcement lot) and through the different concrete 
covers c1, c2 and c3 (see Figure IV.13). However, there is no full correlation 
either as the uncertainty with respect to c2 or c3 does not affect kfy,res for the 
central reinforcement bar. Further investigating the correlation between the 
values of kfy,res obtained for the different rebars would make the proposed 
assessment tool impractical. Therefore, a conservative assessment is made by 
considering only the corner rebar as this rebar experiences the highest 
variability of the reduction factor kfy,res, i.e. implicitly applying equation 
(IV.67). The introduced error is incorporated in the model uncertainty KM. 
The final value for σkfy,res is calculated through equations (IV.68) and (IV.69) 
for the corner rebar (‘j’) by again first evaluating kfy,res for discrete positions 
(xi, yi) and fire durations tE, and subsequently integrating across the different 
possible positions and fire durations. If the temperature distribution inside the 
cross-section is determined directly through measurements or numerical 
calculations, equation (IV.68) should be used where tE,i and ptE,i are changed 
to the assessed maximum temperatures θmax,i and associated probabilities 
pθmax,i. 
A more straightforward but more conservative alternative method is to 
evaluate both µkfy,res and σkfy,res for the corner rebar considering a single 
conservative axis position as for example {µc - 2σc + Ø/2; µc - 2σc + Ø/2}. 
This further conservative simplification can be partially compensated by a 
change of the mean value of the model uncertainty KT.  
{ }, , , , ,maxkfy res kfy res j kfy res cornerjσ σ σ= =  (IV.67) 
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The evaluation of the equations above is straightforward and can easily be 
implemented in a spreadsheet. Furthermore, symmetry considerations reduce 
the number of required calculations. 
IV.4.2.2.2 Probabilistic model for the evaluation of the depth of the limiting 
isotherm 
The depth iθ of the limiting isotherm is evaluated at mid-height for the 
different possible fire durations tE. If this evaluation is based on the 
temperature graphs given in EN 1992-1-2 (CEN, 2004b), or on a numerical 
calculation of the thermal distribution in the cross-section for a given 






i pθ θµ = ∑  (IV.70) 
( )2
,i tE i tE
tE
i µ pθ θ θσ = −∑  (IV.71) 
If the depth of the limiting isotherm is determined by measurements, a more 
precise assessment can be made, avoiding the need to make a conservative 
assessment of an equivalent ISO 834 fire duration. In this case the mean and 
standard deviation are given by the sample mean and sample standard 
deviation obtained through a set of measurements (Benjamin & Cornell, 
1970). 
IV.4.2.3 Determination of the limiting isotherm 
In order to determine the appropriate limiting isotherm, bending capacities 
obtained when applying this simplifying concept for the residual concrete 
strength are compared with more laborious numerical calculations where the 
local residual material properties are taken into consideration. 
As explained above in IV.2, the residual concrete compressive strength 
considered here is the compressive strength given in EN 1992-1-2 (CEN, 
2004b) for the hot state. However, the elaborate post-fire stress-strain model 
applied for the numerical validation for concrete slabs (see section IV.4.1.3) 
cannot be applied for beams and columns since concrete material above 
500°C may be in compression. According to fib bulletin 46 (fib, 2008) the 
Eurocode stress-strain model for the hot state can be applied as an 
approximation for the stress-strain model of concrete post-fire. Consequently, 
this approach is used for the calculations below, i.e. for compression the 
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residual stress-strain model is given by the EN 1992-1-2 hot state formula. 
The strain at peak stress εc1,θmax is calculated using equation (IV.72), given in 
(fib, 2008) and the ultimate strain εcu equals 0.02. The tensile strength of the 
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Since the goal of the post-fire assessment in this chapter is to determine the 
maximum allowable load from the perspective of structural safety (i.e. the 
ultimate limit state), an approximation for the stress-strain model can be 
considered sufficient as this may only slightly affect the maximum capacity 
R. In other words, different assumptions with respect to the residual stress-
strain model will not result in significantly different conclusions with respect 
to the maximum allowable load or the validation of the proposed simplified 
assessment method, and the application of the Eurocode hot state stress-strain 
model in the validation calculations is acceptable. However, in some 
situations the post-fire usability of the concrete element may be governed by 
other considerations where the exact stress-strain model is important, for 
example when considering displacements or cracks (i.e. the serviceability 
limit states). 
In Figure IV.15 to Figure IV.18 residual moment-curvature diagrams are 
visualized for a single realization of beam type A (Table III.2), different 
limiting isotherms, and different ISO 834 fire durations. It is reminded that 
the limiting isotherm is associated with a simplified residual concrete 
compressive strength model: for local temperatures θmax above the limiting 
isotherm kfc,res = 0, and for temperatures below the limiting isotherm kfc,res = 
1. Both values of kfc,res in this simplified model are deterministic. 
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Figure IV.15: Residual moment-curvature diagram after exposure to 60 min 
ISO 834, full concrete material model and different limiting isotherms. 
 
Figure IV.16: Residual moment-curvature diagram after exposure to 90 min 
ISO 834, full concrete material model and different limiting isotherms. 
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Figure IV.17: Mres-χ diagram after exposure to 120 min ISO 834, full 
concrete material model and different limiting isotherms. 
 
Figure IV.18: Mres-χ diagram after exposure to 150 min ISO 834, full 
concrete material model and different limiting isotherms. 
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As both the distribution of maximum temperatures inside the cross-section 
and the associated reduction of concrete compressive strength are nonlinear, 
the ideal limiting isotherm changes with the investigated fire duration tE. 
While for tE = 30 min ISO 834 a 400°C limiting isotherm gives a very good 
approximation for the full numerical calculation (Figure IV.15), the same 
limiting isotherm significantly underestimates the residual bending capacity 
for tE = 90 min (Figure IV.16), and results in MR,res = 0 kNm for tE = 120 
minutes. Similar observations are made for other limiting isotherms: while 
for small fire durations (relative to the limiting isotherm) the limiting 
isotherm method may overestimate the bending capacity, the simplified 
method underestimates the bending capacity for larger fire durations, up to 
the point where the limiting isotherm indicates no residual bending capacity. 
This is illustrated for example by the 500°C limiting isotherm, which 
overestimates the bending capacity for 90 minutes (Figure IV.16), gives a 
good approximation at 120 minutes (Figure IV.17) and incorrectly indicates 
MR,res = 0 kNm after exposure to a 150 min standard fire (Figure IV.18). 
Offcourse, all of these observations depend on the dimensions of the cross-
section, i.e. for smaller cross-sections the temperature in the compression 
zone will rise faster and the loss of strength will occur sooner, while for 
wider cross-sections the 500°C method may give excellent results well 
beyond 150 min ISO 834. 
Alternative concepts may give good approximations over a wider range of 
fire exposures, for example when considering a zone model with multiple 
limiting isotherms: for example an isotherm above which the concrete is 
considered fully degraded, and an isotherm below which no damage is 
considered, effectively dividing the concrete cross-section in three zones. 
However, the application of a single limiting isotherm is considered to be 
more realistic for practical applications since the methodology with only a 
single limiting isotherm is already well established for the design of concrete 
structures for fire exposure (CEN, 2004b), (Rigberth, 2000), and only 
requires limited input by the user. 
Although the ideal limiting isotherm depends on both the fire duration and 
the dimensions of the cross-section, only a single limiting isotherm should be 
proposed for practical feasibility. Which limiting isotherm is most 
appropriate is determined by considering the deviation factor kM2, defined by 
(IV.73), with MR,res,θlim the residual bending capacity considering a limiting 
isotherm of θlim and MR,res,num the bending capacity obtained using the full 
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numerical model with local concrete compressive strength (discretization 4 













Table IV.15: MR,res,θlim / MR,res,num [-] for different θlim and ISO 834 durations 
tE 
µ; σ ISO 834 duration tE [min] 




























































































Clearly, the choice of the limiting isotherm has a large influence on the 
applicability of calculations using the simplified residual concrete strength 
model. While a limiting isotherm of 400°C could be used for less severe fire 
exposures, this limiting isotherm already completely loses its applicability for 
ISO 834 exposures of 120 minutes (for the considered cross-section of beam 
type A). A large limiting isotherm of 600°C extends the range of possible 
applications, but introduces both an overestimation of the bending capacity 
and larger standard deviations of kM2. The 500°C isotherm on the other hand 
results in a very good approximation with limited variability up to 120 
minutes after which its applicability is completely lost.  
To answer the question for which range of fire durations the limiting 
isotherm should give acceptable results, a number of simple practical 
considerations are taken into account. Firstly, in order for any acceptable 
further use of the beam after fire-exposure, the beam should be capable of 
safely carrying its own weight, i.e. MGk. Although, the exact value of MGk 
depends on the load ratio of the beam, in most normal design situations χ is 
approximately 0.5. Considering a design bending moment capacity MRd,20°C in 
normal design conditions of 84.8 kNm (Table III.2) and equation (III.5), MGk 
= 32.0 kNm. Applying the Monte Carlo results for MR,res, the post-fire 
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reliability index for the beam subjected to its self-weight MG only is 
determined and visualized in Figure IV.19 as a function of the fire duration. 
Based on this figure, the beam will not be able to safely carry any imposed 
load after fire in case of ISO 834 fire exposures of 150 minutes and more. 
 
Figure IV.19: Post-fire reliability index βG for beam type A exposed to the 
permanent load effect only (MGk = 32.0 kNm) as a function of ISO 834 
duration. 
 
Secondly, in Figure III.19 the reliability index βfi,tE of beam type A during 
exposure to the ISO 834 fire has been visualized (for a load ratio χ = 0.5, see 
Figure III.19). Based on this graph a post-fire assessment for fire durations 
above 120 minutes can be expected to be of rare importance since the βfi,tE 
becomes negative in the range of 120 minutes standard fire, which 
corresponds with a very large theoretical probability of failure. Clearly, a 
post-fire assessment of a beam which has failed during fire exposure is of no 
practical importance and therefore the post-fire assessment of beam type A 
for fire exposures above 120 minutes can be considered of less importance. 
The paragraphs above seem to favour 500°C as the limiting isotherm, i.e. a 
very good approximation for exposures up to 120 minutes ISO 834. 
Furthermore, EN 1992-1-2 (CEN, 2004b) explicitly gives graphs with the 
position of the 500°C isotherm as a function of the ISO 834 fire duration, and 
the 500°C isotherm is already used widely for the design of concrete 
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elements for fire exposure, and has even been applied for the post-fire 
assessment of concrete columns (Kodur, 2013). 
Based on these considerations, the 500°C isotherm is accepted as the limiting 
isotherm for the simplified post-fire assessment of concrete beams. The 
deviations represented by kM2 are further indirectly taken into consideration 
when determining the additional model uncertainty KM. 
IV.4.2.4 The lognormality assumption for MR 
The assessment interaction diagram of Figure IV.4 is based on a lognormal 
approximation for MR,res. Applying the full numerical model described above 
(i.e. taking into account the local residual concrete compressive strength), the 
histogram ‘A’ of MR,res is determined for different ISO 834 durations tE in 
Figure IV.20, together with the lognormal approximation ‘LN’. A large part 
of the histograms for the bending capacity for tE = 210 and tE = 240 minutes 
are situated below the load effect MG. Consequently, after these severe fire 
exposures there is a large probability of failure for the beam even when no 
external load is imposed (see βG in Figure IV.19). Therefore, it is reasonable 
to omit the histograms for tE = 210 and 240 minutes in Figure IV.20 for 
legibility. 
 
Figure IV.20: Observed histogram ‘A’ of MR,res after exposure to different 
ISO 834 durations tE, lognormal approximation ‘LN’. 
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Up to 60 minutes of exposure, the histogram for MR,res is statistically 
lognormal (p-value > 0.1). For more severe ISO 834 exposures the lognormal 
approximation can be considered as a good approximation up to 150 minutes. 
Contrary to the situation during fire exposure elaborated earlier in Chapter 
III, a mixed-lognormal distribution does not result in significantly better 
approximations for describing MR,res (for a deterministic fire exposure tE). 
This difference is easily explained when considering the strength recovery of 
the reinforcement material. Consequently, the temperature attained by the 
reinforcement is not as determinative for the residual capacity MR,res. For 
slabs the mixed-lognormal approximation did give an improved 
approximation for the residual capacity since the concrete compressive zone 
was not heated to high temperatures and consequently, the residual yield 
stress of the reinforcement retained its dominant influence as in the hot state. 
In combination with the considerations given above when determining the 
limiting isotherm (i.e. that a post-fire assessment for beam type A is only 
reasonable up to an exposure of 120 minutes), it is concluded that the 
lognormality assumption for MR,res can be considered acceptable for practical 
applications.  
However, when different possible fire durations tE are considered, each with 
probability ptE, the overall distribution is the mixed-lognormal distribution 
determined by equation (IV.36). As mentioned earlier in IV.4.1.3, a first 
conservative assessment of the maximum allowable imposed load can be 
made considering only the most severe fire duration tE. Alternatively, the 
combination rules given above in equations (IV.65)-(IV.71) can be applied 
considering a set of different tE,i and associated probabilities ptE,i. As shown 
further, these combination rules result in an acceptable overall reliability 
index, but possibly too low reliability index for the highest considered 
constituent fire durations tE.  
IV.4.2.5 The additional model uncertainty KM 
The model uncertainty KM in equation (IV.46) considers the deviations 
introduced by the analytical approximation (IV.47) compared to the 
numerical model with full implementation of the residual concrete 
compressive strength. In the approximation the reinforcement force Fs,res is 
calculated using the mean kfy,res as proposed in by equation (IV.64) and σkfy,res 
is determined for the corner rebar. 
Individual observations for KM are denoted kM and are obtained by pairwise 
comparing the results of a Monte Carlo simulation using the numerical 
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calculation tool, and a Monte Carlo simulation for the analytical 
approximation of equation (IV.47) (with pairwise identical realizations for 
the stochastic variables). Histograms of kM are visualized in Figure IV.21 for 
a set of ISO 834 fire durations tE, together with the proposed tE-independent 
model for KM. In accordance with the assumptions above, KM is modeled by a 
lognormal distribution (µKM = 1.05, VKM = 0.07). Having defined the 
additional model uncertainty KM, the parameters of the total model 
uncertainty KT are calculated by equations (IV.37)-(IV.38), i.e. µKT = 1.06 
and VKT = 0.16. 
IV.4.2.6 Validation of the obtained safety level 
IV.4.2.6.1 Example application and obtained safety level in case of a 
deterministic fire exposure 
Similar to the validation calculations for the post-fire assessment of concrete 
slabs in IV.4.1.5.1, the simplified assessment method is applied for different 
fire durations tE, resulting in an assessment of µR and VR (for beam type A). 
For practical applications these values of µR and VR will be combined with a 
single evaluation of µG (i.e. MGk) in order to subsequently evaluate χmax and 
the associated MQk,max through the assessment interaction diagram of Figure 
IV.4. However, from a theoretical perspective it is most interesting to 
evaluate the performance of the proposed simplified assessment method for 
any (theoretically) possible MGk. Therefore, maximum allowable load 
combinations {MGk,max; MQk,max} are evaluated, each combination associated 
with µR and VR through the assessment interaction diagram of Figure IV.4. 
Finally, the probabilities of failure Pf,50 (50 year reference period) associated 
with these maximum allowable load combinations are determined using 
FORM, based on the lognormal approximation for MR,res,tE which was shown 
to be acceptable for the post-fire assessment up to 150 minutes of the ISO 
834 fire (for the investigated beam type A). 
The obtained values for µR and VR are given in Table IV.16 as a function of 
the ISO 834 exposure duration tE. The associated combinations for MGk,max 
and MQk,max are visualized in Figure IV.22. 
Table IV.16: µR and VR as a function of the fire duration tE 
ISO 834 standard fire duration tE [min] 
 30 60 90 120 
µR [kNm] 135.4 133.6 117.5 92.1 
VR [kNm] 0.18 0.18 0.20 0.21 
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Figure IV.21: Observed histogram ‘A’ of kM, together with the proposed 
model for KM (lognormal distribution with µKM = 1.05 and VKM = 0.07). 
 
Figure IV.22: Maximum allowable combinations for the characteristic values 
of the bending moment MGk induced by the permanent load and the bending 
moment MQk induced by the imposed load. 
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According to Figure IV.22, after fire exposures of 30 and 60 minutes the 
maximum allowable load combinations are larger than the maximum 
allowable load according to the Eurocode design methodology. This is not 
due to a strengthening effect, but due to the more precise reliability based 
assessment using the assessment interaction diagrams. 
Furthermore, as expected the maximum allowable load decreases with 
increasing fire duration. The reliabilities associated with the maximum 
allowable loads of Figure IV.22 are given below in Figure IV.23. Again the 
proposed methodology results in a good and conservative approximation of 
the target reliability index, but the obtained reliability index does decrease for 
larger fire exposures. 
 
Figure IV.23: Reliability index β50 obtained when applying the maximum 
allowable loads of Figure IV.22 for different ISO 834 fire exposures tE. 
 
The reliability index obtained for the calculation “prior to fire”, i.e. when 
applying the maximum allowable loads of the EN 1992-1-1 design 
methodology (CEN, 2004a) to a beam after 0 minutes of ISO 834 exposure, 
may be unexpectedly high. This is due to the fact that the design value of the 
bending moment capacity for beam type A is governed by concrete 
compression and not reinforcement yielding. The limit of 3.5‰ for the most 
Chapter IV: Structural safety after fire exposure 165 
compressed concrete fiber leaves significant additional capacity unaccounted 
for, resulting in the large reliability index in Figure IV.23 for normal design 
conditions. 
This effect and the appropriateness of the proposed method in case of a 
design governed by reinforcement yielding can be illustrated by changing the 
reinforcement bar diameter utilized in beam type A to for example 14 mm, 
while maintaining the reinforcement axis position (i.e. the same maximum 
reinforcement temperatures apply). According to EN 1992-1-1 MRd,20°C 
equals 47.5 kNm (governed by the maximum reinforcement strain of 10‰). 
Calculating the maximum allowable load combinations prior and posterior to 
fire exposure allows to determine the reliability indices visualized in Figure 
IV.24.  
 
Figure IV.24: Reliability index β50 obtained when applying the maximum 
allowable load combinations according to the post-fire assessment method 
for a modified beam type A configuration (with Ø = 14 mm, instead of 20 
mm) for different ISO 834 fire exposures tE. 
 
Clearly, in Figure IV.24 the reliability obtained for the normal design 
condition corresponds much better with the expected range for β50. This 
validates the statement above that the high reliability for normal design 
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conditions obtained in Figure IV.23 is due to MRd,20 being determined by the 
maximum allowable concrete compressive strain. Furthermore, Figure IV.24 
again gives a validation of the proposed method as the target reliability index 
is quite well and conservatively reached. The higher reliability index at 90 
minutes is a direct consequence of the simplified assessment method. For this 
specific configuration, the simplified assessment method slightly 
overestimates the coefficient of variation for the resistance effect R after 90 
minutes of ISO 834 exposure, and consequently the maximum allowable 
loads are relatively lower compared to the other evaluated fire durations tE. 
As the maximum allowable load combinations are relatively underestimated, 
the obtained reliability when applying the simplified assessment method is 
higher. Furthermore, small deviations are introduced by rounding the values 
of µR and VR obtained through equations (IV.50) and (IV.52) to allow for a 
realistic use of the assessment interaction diagram of Figure IV.4. 
As in section IV.4.1.5.1 the maximum allowable loads are assessed for the 
temporary phase during which the concrete compressive strength is further 
reduced. The target reliability level for a 3 year reference period is taken as 
3.4 considering that no increased risk to loss of human life is accepted for 
this temporary phase. The associated assessment interaction diagram has 
been presented above in Figure IV.10. Considering a reduction of the 
characteristic concrete compressive strength of 30% compared to the 20°C 
compressive strength, µR and VR are calculated for the temporary phase in 
Table IV.17 and the associated maximum allowable load combinations are 
compared to the results for the long-term post-fire assessment in Figure 
IV.25. 
As has been concluded earlier for the post-fire assessment of concrete slabs, 
the maximum allowable load combinations for the temporary phase are 
higher than the maximum allowable loads for the 50 year reference period. 
Consequently, the temporary additional loss of concrete strength after fire 
exposure does not require a temporary reduction of the maximum allowable 
imposed load. 
Table IV.17: µR and VR as a function of the fire duration tE for the temporary 
phase of (additional) concrete strength loss 
ISO 834 standard fire duration tE [min] 
 30 60 90 120 
µR 127.4 125.0 110.3 87.2 
VR 0.18 0.18 0.20 0.20 
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Figure IV.25: Maximum allowable combinations for the characteristic values 
of the bending moments MGk and MQk, for the temporary phase assessment 
(black curves) and the long-term assessment (grey curves).  
 
IV.4.2.6.2 Example application and obtained safety level in case of an 
uncertain fire exposure 
For an uncertain fire exposure, equations (IV.65) and (IV.68) are additionally 
considered for determining kfy,res and equation (IV.70) and (IV.71) are applied 
to calculate µ i500 and σi500. 
Considering the allocation of probabilities ptE for situation C and situation D 
given in Table IV.18, µkfy,res and σkfy,res are given in Table IV.19, together with 
µ i500 and σi500, and the obtained values for µR and VR considering equations 
(IV.50)-(IV.61). The maximum allowable load combinations are determined 
by combining the values of µR and VR (Table IV.19) with the assessment 
interaction diagram of Figure IV.4. The associated overall reliability index is 
visualized in Figure IV.26 and Figure IV.27, together with the associated 
reliability index for the constituent fire durations. 
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Table IV.18: Allocation of probabilities to ISO 834 fire durations given in 
EN 1992-1-2 for two example situations C and D 
Equivalent ISO 834 
duration tE [min] 
Probability ptE [-] 
situation C situation D 
0 0.0 0.0 
30 0.15 0.0 
60 0.75 0.33 
90 0.10 0.34 
120 0.0 0.33 
 
Table IV.19: µkfy,res, σkfy,res, µ i500, σi500, µR and VR for situations C and D for 
beam type A
 
 situation C situation D 
µkfy,res [-] 0.99 0.85 
σkfy,res [-] 0.08 0.16 
µi500 [mm] 21.1 34.6 
σi500 [mm] 5.7 11.1 
µR [kNm] 132.3 114.5 
VR [-] 0.23 0.25 
 
Figure IV.26: Reliability index β50 obtained when applying the simplified 
assessment method for situation C (beam type A). 
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Figure IV.27: Reliability index β50 obtained when applying the simplified 
assessment method for situation D (beam type A). 
 
For both situations C and D the simplified assessment method results in an 
obtained overall reliability index which matches the target reliability index of 
3.8 (or is conservative as in Figure IV.26). Consequently, it can be concluded 
that the proposed methodology performs very well given the predetermined 
goals and the simplicity of the method. However, the obtained reliability 
index for the constituent fire durations tE greatly differ. Especially for 
situation D this may be considered unacceptable, i.e. the obtained reliability 
index in case the real fire duration is 60 minutes is overly conservative (an 
obtained reliability index of up to 6.2), while the obtained reliability in case 
of 120 minutes of exposure is clearly below the target reliability index of 3.8 
and therefore, may be considered unsafe. For these situations it is strongly 
recommended to make an improved assessment of the fire duration tE. 
Alternatively, a safe but very conservative first assessment can be made by 
considering only the most severe of the possible fire durations.  
IV.4.3. Centrically loaded square columns after a four-sided fire 
exposure 
Finally, the simplified assessment method is elaborated for centrically loaded 
square concrete columns after a four-sided fire exposure. Furthermore, the 
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simplified assessment method elaborated further can easily be modified to 
consider circular columns. When fire exposure is not symmetrical on all four 
sides of the column, the asymmetrical loss of strength will introduce (biaxial) 
bending moments even when the column is centrically loaded (Raut & 
Kodur, 2011). Similarly, eccentrically loaded columns are subjected to both 
normal forces and bending moments. The assessment of eccentrically loaded 
columns is less straightforward.  
As in the previous sections, the post fire assessment is based on the general 
limit state function (IV.3), where R is the normal force capacity of the 
column (adjusted with model uncertainties), and E is the soliciting normal 
force induced by the permanent and imposed load effects. Considering the 
derivations in section IV.3 above, a target reliability index of 3.8 for a 50 
year reference period is obtained by applying the assessment interaction 
diagram of Figure IV.4. As the mean value of the permanent load effect µG 
equals Gk according to Holický and Sýkora (2010), and Gk can reasonable 
easy be determined in practical situations, the only remaining difficulty for 
determining the maximum allowable imposed load effect Qk is evaluating the 
mean value µR and coefficient of variation VR of the normal force capacity. 
IV.4.3.1 Analytical formulas for evaluating µR and VR 
As discussed in IV.2, the maximum attained local temperature θmax governs 
the local residual strength properties of the concrete material. However, as 
the distribution of θmax inside the cross-section is highly non-linear, only 
numerical methods can be used for a direct evaluation of the residual normal 
force capacity Nres of the column, which is not feasible for a practical post-
fire assessment tool. Therefore, a similar approach as for concrete beams is 
adopted in which a limiting isotherm θlim defines a simplified model for the 
residual concrete compressive strength: for θmax > θlim the residual concrete 
compressive strength is zero, for θmax ≤ θlim the residual compressive strength 
is assumed equal to the initial undamaged 20°C compressive strength fc,20°C. 
Consequently, the limiting isotherm defines a reduced concrete cross section 
Ac,red for the column (see Figure IV.28), and the normal force capacity of the 
column can be written as: 
, , , ,20R res s res c red c CN F A f °= +  (IV.74) 
 
with Fs,res the sum of the residual yield force for the reinforcement bars, as 
given by equation (IV.75).  









with Øj the diameter of the j-th reinforcement bar and fy,res,j the residual yield 
stress of the j-th reinforcement bar. 
Simplifying the above equations further by considering fy,res of the corner 
rebar as representative for the residual yield stress of all rebars, and 
approximating the reduced concrete cross section as a square area, (IV.74) 
can be written as: 
( )2
, , ,20 ,202R res s fy res y C c CN A k f b i fθ° °= + −  (IV.76) 
 
with As the total reinforcement area, kfy,res determined for the corner rebar and 
iθ the depth of the limiting θ°C-isotherm. 
 
Figure IV.28: Conceptual visualization of the limiting isotherm method for 
the concrete compressive strength in a column cross-section subjected to fire 
from four sides. 
 
Considering (IV.76) and incorporating the total model uncertainty KT in the 
resistance effect R as described in IV.3, µR and VR can be calculated by: 
( )
( )2
, ,20 ,20   2
R
KT As kfy res fy C KT b i fc C
µ R µ





Chapter IV: Structural safety after fire exposure 172 





























As kfy res fy C
KT KT
T b i fc C







  ∂ 
 = = 
 ∂ + −   
 
(IV.80) 
( ) ( )
2
22 2
2 , ,20As KT kfy res fy C As
s
R µ





= = ∂ 
 
(IV.81) 
( ) ( )
2
22 2
3 , ,20 ,
,
kfy res KT As fy C kfy res
fy res
R µ





= =  ∂ 
 
(IV.82) 
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(IV.83) 
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(IV.84) 
( ) ( )( )2 22 26 ,202 2b KT b i fc C bR µS µ µb θσ µ µ σ° ∂ = = − ∂   (IV.85) 
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(IV.86) 
Chapter IV: Structural safety after fire exposure 173 
IV.4.3.2 Probabilistic models for basic variables and incorporating data 
from inspections 
When no direct measurements are available, the probabilistic models for the 
basic variables can be taken from literature, with values as given in Table 
IV.3 and Table IV.12. The total model uncertainty KT and the depth of the 
limiting isotherm iθ are considered in detail further in sections IV.4.3.5 and 
IV.4.3.2.2. 
IV.4.3.2.1 Probabilistic model for the evaluation of the residual 
reinforcement yield stress 
The residual reinforcement yield stress reduction factor kfy,res is determined 
for the corner rebar. Consequently, the evaluation positions (xi, yi) and 
associated probabilities pxiyi of Table IV.13 can be applied. Subsequently, 
µkfy,res is evaluated by equation (IV.88) and σkfy,res by (IV.90). In case of an 
uncertain fire exposure duration tE, equations (IV.87) and (IV.89) should be 
applied first. 




kfy res i i fy res E i i tE
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If the maximum attained temperature θmax of the corner rebar is directly 
known (i.e. through measurements or through numerical heat transfer 
calculations), equations (IV.91) and (IV.92) can be used. In case of a single 
conservatively assessed fire duration tE, ptE = 1. 
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where i refers to different possible maximum reinforcement temperatures. In 
case multiple fire durations tE are considered for which the reinforcement 
temperature is numerically calculated, pθmax,i refers to the probability of the 
possible fire severities. 
Alternatively, the number of calculations can be reduced by conservatively 
considering only a single reinforcement position (xi, yi) for the corner 
reinforcement bar, for example {µc - 2σc + Ø/2; µc - 2σc + Ø/2}. 
IV.4.3.2.2 Probabilistic model for the evaluation of the depth of the limiting 
isotherm 
As the square column is symmetrically exposed to fire from four sides, a 
single evaluation of the depth of the limiting isotherm suffices to determine 
the reduced concrete cross-section Ac,red. As temperature distributions are 
given in EN 1992-1-2 (CEN, 2004b) for different cross-sections and fire 
durations, µ iθ and σiθ are given by equations (IV.70) and (IV.71). 
If the depth iθ is determined through direct measurements, it is highly 
recommended to perform these measurements on the different sides of the 
column. In this case the sample mean and standard deviation are obtained by 
direct measurements and there is no need to make a (conservative) estimate 
of the equivalent ISO 834 duration. 
IV.4.3.3 Determination of the limiting isotherm 
As for the post-fire assessment of concrete beams, the appropriate limiting 
isotherm should be determined. For the structural design of concrete elements 
exposed to fire, EN 1992-1-2 (CEN, 2004b) accepts a limiting isotherm of 
500°C. Furthermore, Kodur et al. (2013) apply the same method for the post-
fire calculation of the residual strength of concrete columns, but it is unclear 
what safety level is associated with this approach and whether other limiting 
isotherms may be equally suitable or even better. 
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In order to evaluate the appropriateness of different possible limiting 
isotherms, coupled Monte Carlo simulations are executed (similar to the 
methodology used for concrete beams in  IV.4.2.3). The stress-strain 
relationship described in IV.4.2.3 is applied for the simulations where the 
local residual concrete compressive strength is considered, and a uniform 
compression strain ε is assumed for the entire cross section (i.e. χ = 0 as the 
column is assumed to be both axially loaded and to have been exposed to 
symmetrical fire conditions). Due to the stochastic nature of the concrete 
cover small bending moments are introduced in the cross-section, 
corresponding with a small effective eccentricity. However, this effect is 
further neglected. The obtained strain-normal force diagrams for a single 
stochastic realization of the concrete column after exposure to 60 minutes 
and 120 minutes ISO 834 are visualized in Figure IV.29 and Figure IV.30. It 
is stressed that the assumptions and simplifications mentioned above imply 
that no second order effects are considered. 
Which limiting isotherm is most appropriate is evaluated by considering the 













with NR,res,θlim the residual normal force capacity considering a limiting 
isotherm θlim, and NR,res,num the normal force capacity obtained using the full 
numerical model with local concrete compressive strength (discretization 4 
mm²). Results are given in Table IV.20 for column type A.  
Table IV.20: NR,res,θlim / NR,res,num [-] for different θlim and ISO 834 durations tE 
µ; σ ISO 834 duration tE [min] 




























































































Chapter IV: Structural safety after fire exposure 176 
 
Figure IV.29: Residual normal force-strain diagram after exposure to 60 min 
ISO 834, full concrete material model and different limiting isotherms. 
 
Figure IV.30: Residual normal force-strain diagram after exposure to 120 
min ISO 834, full concrete material model and different limiting isotherms. 
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According to the results in Table IV.20, the 500°C limiting isotherm gives 
very good results up to an ISO 834 fire duration of approximately 150 
minutes. The 550°C limiting isotherm overestimates the residual normal 
force capacity for small fire durations and results in a larger standard 
deviation for the ratio NR,res,θlim / NR,res,num, but overall does give a reasonably 
good approximation of the residual capacity up to even 240 minutes. Larger 
limiting isotherms result in a gross overestimation and smaller limiting 
isotherms give a gross underestimation of the capacity. 
A single limiting isotherm which is applicable for all reasonable fire 
exposures should be considered for practical feasibility. Based on the 
considerations above, either the 500°C limiting isotherm, or the 550°C 
limiting isotherm should be considered. Of these two possibilities, the 500°C 
isotherm is chosen, based on a number of considerations. Firstly, the 
reliability index βfi,tE of column type A during fire exposure drops to 
approximately zero at 240 minutes of exposure, consequently the limiting 
isotherm does not need to give a good approximation for fire durations of 240 
minutes as the column will in general have failed during fire (Figure IV.31). 
Secondly, considering the post-fire reliability index βG associated with the 
permanent load effect only (based on χ = 0.5 prior to fire), the post-fire 
reliability of the column drops below 3.8 for fire exposures of 150 minutes 
and more (Figure IV.31). Consequently, the column is not capable of both 
carrying an imposed load and satisfying the target reliability index for these 
fire exposures.  Finally, the 500°C isotherm is already used in practice for the 
structural fire design of concrete elements and 500°C-isotherms are explicitly 
given in EN 1992-1-2 (CEN, 2004b) for a number of cross-sections, giving 
this limiting isotherm a practical advantage. 
IV.4.3.4 The lognormality assumption for NR 
As for the post-fire assessment of beams and columns, the application of the 
assessment interaction diagram of Figure IV.4 assumes a lognormal 
distribution for NR. The validity of this assumption is assessed by visualizing 
the histogram of residual normal force capacities NR,res for different ISO 834 
durations tE in Figure IV.32. According to the executed statistical analyses, 
the histogram is described by a lognormal distribution up to a fire exposure 
of 120 minutes (p-value ≥ 5 %). The histograms for 150 and 180 minutes are 
visualized in Figure IV.32 as well. Based on this visualization a lognormal 
distribution can be used as an acceptable approximation for 150 minutes and 
180 minutes as well. 
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Figure IV.31: Reliability index βfi,tE during fire exposure (considering both 
NG and NQ), and βG post-fire (considering NG only), as a function of ISO 834 
duration (column type A). 
 
Figure IV.32: Observed histogram ‘A’ of NR,res after exposure to different 
ISO 834 durations tE, lognormal approximation ‘LN’. 
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IV.4.3.5 The additional model uncertainty KM 
Finally, the model uncertainty KM is determined, which takes into account the 
deviations introduced by the considered approximations. The same 
methodology as for concrete beams is applied to evaluate KM, i.e. a pairwise 
Monte Carlo simulation is performed where the same stochastic realizations 
for the basic variables are implemented both in the numerical calculation tool 
with full concrete compressive strength model (calculating NR,res,num), and in 
the simplified analytical formula considering the limiting isotherm method 
(calculating NR,res,simp). The ratio kM = NR,res,simp / NR,res,num is considered as an 
individual observation for KM. 
Histograms of kM are visualized in Figure IV.33, together with the suggested 
lognormal model for a tE-independent KM (µKM = 1.14 and VKM = 0.10). To 
allow for flexibility in application, the histograms of kM for fire exposures of 
150 minutes and 180 minutes are visualized as well. As can be seen in Figure 
IV.33 the proposed model for KM can be applied for these fire durations if 
desired. 
 
Figure IV.33: Observed histogram ‘A’ of kM, together with the proposed 
model for KM (lognormal distribution with µKM = 1.14 and VKM = 0.10). 
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Combining the suggested model for KM with the model uncertainties KR and 
KE for the resistance and load effects results in a total model uncertainty KT 
with µKT = 0.90 and VKT = 0.17, see equations (IV.37)-(IV.38). Note that the 
model uncertainty KR for centrically loaded columns (µKR = 1.0 and VKR = 
0.1) is different compared to the model uncertainty KR for beams and slabs 
subjected to pure bending, see for example (Caspeele et al., 2014). 
IV.4.3.6 Validation of the obtained safety level 
IV.4.3.6.1 Example application and obtained safety level in case of a 
deterministic fire exposure 
The proposed simplified assessment method for the post-fire assessment of 
square columns is applied for column type A after exposure to different 
deterministic fire durations tE. The obtained values for µR and VR are given in 
Table IV.21. 
Table IV.21: µR and VR as a function of the fire duration tE 
ISO 834 standard fire durations tE [min] 
 30 60 90 120 
µR [kN] 7227 6390 5639 4640 
VR [-] 0.21 0.21 0.21 0.21 
 
In order to evaluate the performance of the method for different 
(theoretically) possible values of µG (i.e. NGk), a large number of maximum 
allowable load combinations {NGk,max; NQk,max} are evaluated, as has been 
elaborated earlier for the validation of the simplified assessment method for 
beams (see IV.4.2.6.1). These maximum allowable load combinations are 
visualized in Figure IV.34, together with the maximum allowable load 
combination according to the Eurocode design methodology prior to fire. 
Associated reliability indices are given in Figure IV.35. 
Based on the results visualized here, it is concluded that the simplified 
assessment method results in both a reasonable and conservative 
approximation of the target reliability index of 3.8. Note that KM has been 
conservatively assessed, i.e. a better approximation of the target reliability 
index can be obtained by a less conservative assessment of KM. However, 
considering the assumption of axial loading, the conservative conception of 
the method should allow to accommodate small accidental eccentricities. 
As for the post-fire assessment of slabs and beams it is investigated whether 
the temporary phase with reduced concrete compressive strength necessitates 
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a temporary reduction of the maximum allowable imposed load. Applying 
the procedure described in IV.4.1.5.1 and the assessment interaction diagram 
of Figure IV.10, maximum allowable load combinations are determined in 
Figure IV.36. These results are compared with the maximum allowable load 
combinations of Figure IV.34. 
Up to a load ratio χ of approximately 0.3 the temporary phase dominates the 
maximum allowable load. Consequently, in these situations temporary 
measures or a more detailed analysis are recommended. For larger load ratios 
the maximum allowable load for the temporary phase is larger than the 
maximum allowable load for the standard assessment and therefore, no 
temporary measures are necessary. Although for most standard situations, the 
load ratio χ is larger than 0.3, after fire exposure the maximum allowable load 
ratio may be considerably reduced. Therefore, for the post-fire assessment of 
concrete columns, the long-term assessment should be combined with a 
second assessment to determine whether temporary measures are necessary. 
This second assessment can be done considering for example the temporary 
phase assessment interaction diagram of Figure IV.10 and a reduced concrete 
compressive strength fck. 
 
Figure IV.34: Maximum allowable combinations for the characteristic values 
of the normal force NGk induced by the permanent load and the normal force 
NQk induced by the imposed load. 
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Figure IV.35: Reliability β obtained when applying the maximum allowable 
loads of Figure IV.34 for different ISO 834 fire exposures tE. 
 
Figure IV.36: Maximum allowable combinations for the characteristic values 
of the normal force NGk induced by the permanent load and the normal force 
NQk induced by the imposed load, for the temporary phase assessment (black 
curves) and the normal long-term assessment (grey curves). 
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IV.4.3.6.2 Example application and obtained safety level in case of an 
uncertain fire exposure 
If the duration of the (equivalent) ISO 834 fire is uncertain, equations (IV.89) 
and (IV.90) are additionally considered for determining kfy,res and equations 
(IV.70) and (IV.71) are applied to calculate µ i500 and σi500. 
Considering the uncertain fire exposures given above in Table IV.18 (i.e. 
situations C and D), µkfy,res, σkfy,res, µ i500, σi500, µR and VR for these situations 
are calculated in Table IV.22. 
Table IV.22: µkfy,res, σkfy,res, µ i500, σi500, µR and VR for situations C and D for 
column type A
 
 situation C situation D 
µkfy,res [-] 0.99 0.87 
σkfy,res [-] 0.06 0.16 
µi500 [mm] 20.3 30.0 
σi500 [mm] 5.1 7.3 
µR [kN] 5005 4320 
VR [-] 0.21 0.22 
 
The maximum allowable load combinations associated with the obtained 
values for µR and VR are determined using Figure IV.4 and as a validation of 
the safety concept the corresponding reliability indices are visualized in 
Figure IV.37 and Figure IV.38 for the overall situation as well as for the 
constituent fire durations. Based on these results the simplified assessment 
method can be applied in case of an uncertain fire duration as well. As the 
obtained reliability index can be very conservative for the smaller constituent 
fire durations, it may be beneficial to perform additional investigations to 
more precisely determine the (equivalent) ISO 834 fire duration. 
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Figure IV.37: Reliability index β obtained when applying the simplified 
assessment method for situation C (column type A). 
 
Figure IV.38: Reliability index β obtained when applying the simplified 
assessment method for situation D (column type A). 
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IV.5. Flow-chart 
In the previous sections a simplified reliability-based method for the post-fire 
assessment of concrete elements has been introduced, elaborated and 
validated. While the actual implementation of the method is very 
straightforward and does not require difficult computations, part of this 
simplicity may have been lost due to the many validation calculations and 
special considerations mentioned. To give a clear overview of the described 
methodology, a flow-chart is given in Figure V.39 which summarily 
describes the different steps of the simplified assessment method. Example 
applications are given in the next section. For columns, the last steps of the 
calculation should be performed twice: once considering the final phase and 
once considering the temporary phase with reduced concrete compressive 
strength and (if applicable) altered target reliability index. 
IV.6. Example applications 
IV.6.1. Assessment of a floor slab after a car park fire, using data 
from inspections and testing 
A car has burned out in a car park with a height of 4 m. The ceiling is a 
simply supported concrete slab with a total thickness of 400 mm and a free 
span of 10 m. No further information with respect to the layout of the slab or 
the mechanical properties is available. In order to assess the necessity of 
strengthening the damaged ceiling, the maximum service load after fire 
exposure has to be determined. For some slab characteristics test data is 
considered to be available. The test data mentioned below are a combination 
of available test data from different case studies. 
IV.6.1.1 Determining the slab characteristics 
The concrete compressive strength fc,20 is determined by taking five cores 
from an undamaged part of the structure, followed by a compression test in 
the lab. The characteristics of the cores and the test results are given in Table 
IV.23, with fc,20°C = fc,cyl the compressive strength for an equivalent 
standardized cylinder with height 300 mm and diameter 150 mm. The 
standardized compressive strength is calculated using equation (IV.94), based 
on NBN B15-220 (NBN, 1970), conservatively neglecting any reduction of 
the concrete compressive strength due to the drilling of the cores. The height 
of the specimen has been determined based on three measurements, the 
diameter of the specimen using six measurements. 
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Figure V.39: Flow chart for assessing concrete elements after fire  
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Table IV.23: Test data concrete cores
 
Core number 1 2 3 4 5 
Height [mm] 77.97 81.35 73.27 81.48 81.69 
Diamter [mm] 79.48 79.49 79.44 79.48 79.52 
Maximum Force F [kN] 250 376 219 182 243 
Specimen cross section 
Ac [mm] 
4961.6 4977.9 4949.8 4961.0 4966.2 
Compressive strength 
fcx = F / Ac [MPa] 
50.4 75.5 44.2 36.7 48.9 
fc,cyl [MPa] 37.5 57.2 32.0 27.8 37.1 
 
Based on the five test results in Table IV.23, the sample mean ,	equals 
38.3 MPa and the sample standard deviation 	, 	is 10.1 MPa. According 
to the method of maximum likelihood (Benjamin & Cornell, 1970), µ fc,20°C 
can be estimated as , and σfc,20°C can be estimated as  	,. 
The concrete cover c is determined using an electromagnetic rebar detector. 
A total of 98 measurements are made across the length of the slab, resulting 
in a sample mean of 69.7 mm and a standard deviation of 13.4 mm. The 
measurements are visualized in Figure IV.40. 
The reinforcement area is determined using the electromagnetic rebar 
detector. According to these measurements, the rebar diameter varies 
between 18 mm and 20 mm, while the horizontal spacing s of the reinforcing 
bars varies between 150 mm and 180 mm. As no additional information is 
available, the mean and standard deviation of Ø and s can be assessed using 
equations (IV.95) and (IV.96), with a and b the upper and lower bound of the 
measurements. These equations implicitly assume a uniform distribution of 
the uncertain variable. 
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This gives the following results: µ s = 165 mm, σs = 8.7 mm, µØ = 19 mm and 
σØ = 0.58 mm. As indicated previously, the uncertainty with respect to the 
reinforcement diameter Ø and the horizontal rebar spacing s will be 
combined in the uncertainty with respect to the reinforcement area As. 
For a unit width of the slab (b = 1000mm), the mean reinforcement area µAs 
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The undamaged 20°C reinforcement yield stress is not destructively tested. 
However, according to the building contractor, QST reinforcement with fyk = 
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500 MPa was used (as they always use this type of reinforcement). 
Consequently, the mean and standard deviation can be assessed based on the 
literature data presented in Table IV.3: µ fy,20°C = 581.4 MPa and σfy,20°C = 40.7 
MPa. Similarly, the mean and standard deviation of the slab thickness are 
calculated as µh = 400 mm and σh = 5 mm. 
IV.6.1.2 Determining the characteristics of the fire 
No information with respect to the characteristics of the fire is available. 
However, as only one vehicle burned, a first assessment of the fire severity 
can be made by taking into account the heat release rate curve proposed by 
TNO for closed car parks (van Oerle et al., 1999), corresponding with a total 
fire load of 6800 MJ. Alternatively, the fire load associated with a single car 
could be directly taken from literature data, as for example (Sleich et al., 
1999) and (Zhao & Kruppa, 2002). Using 8m² as the floor area of a standard 
car, the TNO fire corresponds with a fire load density q of 850 MJ/m². 
Using the TNO heat release curve for a single car, an equivalent ISO 834 fire 
duration can be assessed using for example the energy based time equivalent 
approach proposed by Kodur et al. (Kodur et al., 2010), or using equations 
(IV.99) and (IV.100) as given in EN 1991-1-2 (CEN, 2002b) as a first 
approximation: 
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with kb a factor accounting for the material type (e.g. 0.055 for concrete), w 
the ventilation factor, H the height of the compartment, Af the floor area (with 
fuel), Av the area of vertical openings in the perimeter of the compartment 
and Ah the area of horizontal openings in the compartment. The value of Av / 
Af considered when evaluating (IV.99)-(IV.100) should be limited to 0.25. 
Using a control volume along the length (4 m) and width (2 m) of the burning 
car, Av equals 48 m², Af = 8 m² and tE is calculated as 35 min. Consequently, 
an equivalent ISO 834 fire duration of 30 min seems most appropriate. 
However, a considerable model uncertainty can be associated with 
calculating the equivalent ISO 834 fire duration with the Eurocode formula. 
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This is elaborated further in Chapter V. As a first approximation, a 
lognormally distributed model factor KtE is introduced with mean value 1.45 
and coefficient of variation 0.2. Consequently, the probability density 
function for tE is determined considering the variable KtE·teq. Discretizing this 
probability density function to the limited number of fire durations given in 
EN 1992-1-2 results in Table IV.24. 
Table IV.24: Allocation of probabilities to the equivalent ISO 834 fire 
durations based on the equivalent fire duration according to EN 1991-1-2 and 
using a model uncertainty KtE 
Equivalent ISO 834 
duration tE [min] 





IV.6.1.3 Calculating µkfy,res, σkfy,res, µR and VR 
Applying equations (IV.29)-(IV.32), µkfy,res = 1 and σkfy,res = 0.038, and 
through equations (IV.16)-(IV.25), µR = 343.1 kNm and VR = 0.18. 
IV.6.1.4 Determine the permanent load gk, calculate µG and µR / µG 
As the nominal slab thickness equals 400 mm and the self-weight of concrete 
can be taken as 2400 kg/m³, gk equals 0.4·2.4·9.81 = 9.42 kN/m² plus 
finishing. For the finishing an additional uniformly distributed load of 0.5 
kN/m² is considered. Subsequently, µG is calculated as gkl²/8 = 124 kNm. 
Consequently, µR/µG = 2.77. 
IV.6.1.5 Determining χmax using the assessment interaction diagram and 
calculating qk,max 
The calculated values for µR/µG and VR are indicated in the assessment 
interaction diagram of Figure IV.4 (βt,50 = 3.8) and χmax is found to be 0.31 
(see Figure IV.41). Since for slabs the temporary phase with reduced 
concrete compressive strength was found not to be determinative for the 
maximum allowable load, no evaluation considering the assessment 
interaction diagram of Figure IV.10 (βt,3 = 3.4) is required. 
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Figure IV.41: Visual assessment of χmax using the assessment interaction 
diagram of Figure IV.4 (βt,50 = 3.8) 
 














Depending on the required value of qk,max for normal use of the structure, 
strengthening of the damaged slab may be necessary, or the structure can be 
used further without any repairs. Referring to ANB EN 1991-1-1, the 
calculated maximum allowable imposed load is clearly sufficient for light 
vehicles, but not for heavy vehicles. Depending on the required value of qk,max 
more detailed analysis or strengthening should be considered. 
IV.6.2. Preliminary assessment of a concrete beam after an office 
fire, using expert judgment of the fire severity and 
standard literature values for the parameter uncertainties 
A severe fire has occurred in an office building with a square ground plan of 
40 m by 40 m. As every floor of the building is designed as a separate fire 
compartment, the fire brigade was able to contain the fire to a single floor. 
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This floor has however completely burned out. According to the fire expert a 
conservative approximation of the fire severity corresponds with an ISO 834 
standard fire duration of 90 minutes. 
Simply supported beams with a height of 800 mm, width of 500 mm and 
span of approximately 8 m support the ceiling (i.e. the floor of the story 
above) and transfer their load to columns positioned in a square grid. 
Considering the layout of the structure as given in Figure IV.42, every beam 
carries a line load corresponding with 8 meter of floor width of the story 
above (permanent load of the 200 mm concrete slab and imposed load which 
for an office building has a characteristic value qk of 3 kN/m² according to 
ANB EN 1991-1-1 (NBN, 2007)). A preliminary assessment should give an 
indication whether the upper story can be used during the rehabilitation 
works or not. 
IV.6.2.1 Determining the beam characteristics 
Based on available construction plans, the cross-section of the concrete beam 
is determined. Since for the preliminary assessment no additional tests are 
performed, the uncertainties with respect to the basic variables are estimated 
based on the literature data of Table IV.3 and Table IV.12. 
 
Figure IV.42: Structural ground plan of the office floor 
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Figure IV.43: Layout of the beam cross-section 
IV.6.2.2 Determining the characteristics of the fire 
The characteristics of the fire have been conservatively estimated by expert 
opinion as equivalent to 90 minutes of ISO 834 standard fire exposure. 
IV.6.2.3 Calculating µkfy,res, σkfy,res, µi500,  σi500, µR and VR 
For determining the mean and standard deviation of kfy,res the procedure 
described in IV.4.2.2.1 is applied. An overview of the obtained parameters is 
given in Table IV.25. 
Table IV.25: Parameters for the investigated beam configuration (tE = 90 
min) 
Symbol Dim. µ σ 
fc,20°C  MPa 57.1 8.6 
fy,20°C  MPa 581.4 40.7 
As (8 x Ø20mm) mm² 2513 50 
cv mm 20 5 







i500 mm 29 0 
kfy,res - 0.92 0.08 
KT - 1.06 0.17 
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Applying equations (IV.50)-(IV.61), µR and VR are calculated as 1065 kNm 
and 0.20 respectively. 
IV.6.2.4 Determining the permanent load MGk = µG and µR / µG 
The permanent load effect MGk consists of the bending moment induced by a 
line load gk, which is composed of the self-weight of the beam (9.4 kN/m) 
and the weight of the concrete slab (4.7 kN/m²) and finishings (0.5 kN/m²) 
supported by the beam. An approximation of the load transfer to the beam 
can be made by considering that the load of the supported floor is transferred 
to the nearest beam. Consequently, the most loaded beams carry a load 
corresponding with 8 m of floor width, and the total line load corresponding 
with the permanent loads equals 51.0 kN/m, resulting in a permanent load 
effect µG = MGk = 408 kNm. 
The ratio µR / µG equals 2.61. 
IV.6.2.5 Determining χmax using the assessment interaction diagram and 
calculating qk,max 
Applying the assessment interaction diagram of Figure IV.4, χmax = 0.17, and 
therefore MQk,max = 69.4 kNm. As the imposed load effect results from the 
imposed load on the floor above, the maximum characteristic value of the 
uniformly distributed imposed load on the slab is 1.08 kN/m² (based on the 
reliability-based load bearing criterion of the assessed beam), as determined 
through equation (IV.102). 













with qbeam,k,max the maximum allowable characteristic value of the imposed 
line load on the concrete beam, and qfloor,k,max the maximum allowable 
characteristic value of the imposed load on the floor area carried by the beam 
(corresponding with a load transfer of 8 m of slab to the beam). 
Consequently, qfloor,k,max is clearly smaller than 3 kN/m² required for the 
normal use of the upper floor as an office space and appropriate measures 
have to be taken during the rehabilitation works (for example temporarily 
refraining from using the floor above as an office space). 
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IV.6.3. Assessment of a concrete column using numerical 
temperature calculations 
A fire has occurred at night in a small shopping center at the ground floor of 
an apartment building, with three floors of apartments above the shopping 
center. While the columns have withstood the fire without major spalling or 
external damage, an assessment is required to determine whether the 
continued use of the apartments on the upper floors is possible before major 
repair works are undertaken. 
As the ground level has been fully engulfed by the fire, the central columns 
can be considered to be exposed to fire identically from four sides. 
IV.6.3.1 Determining the column characteristics 
Construction plans for the column are available. The obtained information is  
summarized in Table IV.26, where the uncertainties with respect to the basic 
variables have been estimated based on the literature data of Table IV.3 and 
Table IV.12. 
Table IV.26: Parameters for the investigated column configuration (Part 1) 
Symbol Dim. µ σ 
fc,20°C  
(fck = 40 MPa) 
MPa 57.1 8.6 
fy,20°C  
(fyk = 40 MPa) 
MPa 581.4 40.7 
As (4x Ø14 mm) mm² 616 12 
c
 




KT - 0.9 0.17 
IV.6.3.2 Determining the characteristics of the fire 
Based on an on-site visit after fire, a discussion with the shop owners and the 
catalogue of the available stock, the fire load density in the shopping center is 
assessed to be higher than in 9 out of 10 and smaller than in 1 out of 10 
shops. Consequently, a 90%-quantile for the fire load density q is considered. 
In accordance with (Weilert & Albrecht, 2009), this amounts to a fire load 
density of 835 MJ/m². 
IV.6.3.3 Calculating µkfy,res, σkfy,res, µi500,  σi500, µR and VR 
As a (fast and easy-to-use) numerical tool is available for calculating the heat 
transfer, the maximum attained temperature of the corner reinforcement and 
the depth of the 500°C limiting isotherm are directly evaluated. The 
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parametric fire curve of EN 1991-1-2 is used to define the fire, with an 
opening factor O of 0.04 m1/2 and a square ground plan of 400 m². 
Consequently, equations (IV.91) and (IV.92) are used to directly evaluate 
µkfy,res and σkfy,res, with pθmax,i =1 as only a single maximum temperature is 
considered. Results are given in Table IV.27. 
Table IV.27: Parameters for the investigated column configuration (Part 2) 
Parameter Value 
µkfy,res [-] 0.81 
σkfy,res [-] 0.09 
µi500 [-] 31 
σi500 [-] 0 
µR [kN] 3175 
VR [-] 0.22 
 
IV.6.3.4 Determining the permanent load NGk = µG and µR / µG 
The central columns carry the load transferred from three additional floors. 
Based on the construction plans, the following permanent loads are 
considered: a concrete floor thickness of 200 mm, floor finishing of 0.5 
kN/m², a load transfer area of 36 m² per floor (i.e. 6 m x 6 m), beams with 
height 0.3 m and width 0.16 m connecting the columns (square grid) and the 
self-weight of the column. In total this assessment of the permanent load 
results in NGk = 625 kN. In order to allow for a safe continued use of the 
apartments in accordance with the requirements of ANB EN 1991-1-1 (NBN, 
2007), the required characteristic value of the imposed load NQk = 216 kN, 
corresponding with a uniformly distributed imposed load qk on the apartment 
floors of 2 kN/m². 
Dividing µR by NGk (= µG) gives 5.08. 
IV.6.3.5 Determining χmax using the assessment interaction diagram and 
calculating qk,max 
Applying the assessment interaction diagram of Figure IV.4, χmax = 0.55 and 
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As for columns the temporary phase with reduced concrete compressive 
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strength may be determinative, a second calculation is performed where fck is 
reduced to 0.7 fck,20. This gives µR = 2300 kN and VR = 0.22. Applying Figure 
IV.10 results in χmax = 0.57. As χmax for the temporary phase is larger than for 
the long-term assessment, the long-term assessment governs the maximum 
allowable imposed load for this specific case. As NQk,max is much larger than 
the required characteristic value of the imposed load NQk,req the continued use 
of the apartments above the shopping center is acceptable from the 
perspective of structural safety of the fire exposed concrete columns. Note 
that other safety considerations may govern and with respect to structural 
safety similar calculations have to be performed for the fire exposed beams 
and ceiling. 
IV.7. Conclusions 
A simplified and easy to use method has been developed for the post fire 
assessment of concrete elements after fire exposure. The method is based on 
the combination of test data with a limited set of simple equations and 
predetermined graphs. These graphs (denoted as “assessment interaction 
diagrams”) are based on reliability considerations and allow to determine the 
maximum allowable imposed load, given the available information on the 
concrete element characteristics, the fire characteristics and the permanent 
load. 
The proposed method has been validated by numerical models and Monte 
Carlo simulations, indicating both a good and conservative approximation of 
the target reliability index. However, when the fire characteristics are highly 
uncertain (as for example in case of a large uncertainty with respect to the 
equivalent ISO 834 standard fire duration), the overall obtained reliability 
index will satisfy the target, but the reliability index associated with the most 
severe possible fire severity may be much smaller. In these situations it is 
recommended to perform additional tests to improve the assessment of the 
fire severity, or to make a conservative approximation by considering the 
most severe of the possible fire severities. 
Finally, it should be noted that the application of the proposed method is not 
limited to the fire situation and can easily be modified to other types of 
assessment of existing structures. 
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V.1. Introduction 
When applying traditional prescriptive design rules, legal requirements with 
respect to structural fire resistance are (in general) not directly related to the 
probability of a fully developed fire, or the available fire load. For the 
specific situation of Belgium, the ‘Koninklijk Besluit’ of the 7th of July 1994 
determines the required structural fire resistance time, mainly as a function of 
the height of the building, and considering the idealized ISO 834 fire. 
Consequently, in many situations where the probability of fire exposure is 
considered very low, or where the available fire load density is small, the 
prescriptive design rules for structural fire safety are sometimes considered to 
be overly conservative. On the other hand, it can be reasonably assumed that 
many situations exist where the prescriptive design rules are not severe 
enough. Considering both types of situations, a new design methodology 
known as ‘Performance-Based Design’ (PBD) has been gaining support. The 
basic assumption being that a performance based design which takes into 
account the true characteristics of the structure – as for example the 
probability of fire exposure, the fire load and the ventilation characteristics – 
would result in a more efficient allocation of resources (Holický et al., 2005). 
In principle, Performance-Based Design has the advantages of taking into 
account the unique aspects related to the building under consideration, and 
the specific needs of both private stakeholders and the general public (SFPE, 
2007). Furthermore, PBD should result in more rigorous engineering and the 
development of innovative design solutions since satisfying design 
requirements no longer relates to the application of prescriptive rules, but is 
associated with the actual (calculated) performance of the structure. An 
interesting (potential) side effect of a thorough Performance-Based Design is 
the explicit investigation of loss potential, whereas traditional design is 
generally blind to the size of both potential human and material losses. 
There are however many difficulties associated with PBD as well. Foremost, 
the increased reliance on engineering makes review of the design more 
difficult and increases the danger of buildings with a too low safety level. 
This is closely related to the second problem: conflicts of interest. Whereas in 
a traditional prescriptive design methodology the requirements are clear and 
therefore little direct conflict of interest exists between the engineer, private 
partners, and public welfare, PBD introduces the difficulty for the engineer to 
balance the interests of his private contractor and regular business partners on 
the one hand with societal interest on the other hand (SFPE, 2007). 
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Generally speaking, for the Performance-Based Design concept design 
solutions are deemed acceptable when performance requirements are met 
(SFPE, 2007). Defining these requirements is however very difficult and 
therefore equivalency with the old prescriptive design rules is often a 
requirement in countries which have not yet adopted a fully Performance-
Based approach. For structural fire safety this implies a safety level during 
exposure to natural fires which is at least as high as the safety level during 
exposure to the standard fire curve of the prescriptive design concept. This 
does however introduce many practical difficulties as the safety level 
obtained with the prescriptive rules is not explicitly known and reliability 
calculations can be both too time-consuming and too complex for 
applications by practitioners (see Chapter III). Therefore, the reliability 
during exposure to both standard and natural fires has to be assessed and a 
practically feasible method for equivalency has to be developed. This 
equivalency should allow to relate a natural fire to a standard fire duration, 
while meeting the criterion of equivalent safety. Currently EN 1991-1-2 
(CEN, 2002b) already provides an equivalency formula relating the 
combination of fire load density, ventilation characteristics, and geometrical 
parameters of the compartment to an equivalent ISO 834 fire duration. It is 
however unclear which is the degree of conservatism incorporated in this 
equivalency formula. 
In this chapter first natural fires are introduced and the reliability index of 
concrete slabs during natural fire exposure is investigated. Based on these 
results a reliability-based equivalent fire duration is determined and a 
comparison with the Eurocode equivalency formula is made. In order to 
support the discussion on performance criteria for Performance-Based 
design, the subsequent section focusses on target reliability indices, both 
according to the natural fire safety concept and considering the implicit target 
reliabilities incorporated in the design format of EN 1992-1-2. The 
appropriateness of the current Eurocode design methodology is further 
investigated by calculating the fire ignition frequencies implicitly assumed by 
EN 1992-1-2 and comparing these values with real-life ignition frequencies 
found in literature. Finally, a number of reservations are made with respect to 
the Performance-Based Design concept, specifically focusing on the implicit 
acceptance of ‘zero passive fire protection’ if the probability of a fully 
developed fire is considered sufficiently low. 
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V.2. Natural fires and the reliability-based 
equivalent fire duration 
V.2.1. The natural fire curve of EN 1991-1-2 and the Eurocode 
formula for the equivalent ISO 834 standard fire duration 
For the European Union, EN 1991-1-2 (CEN, 2002b) prescribes the ISO 834 
fire for traditional structural fire safety calculations. However, EN 1991-1-2 
also provides a temperature-time curve for natural fires in Annex A, and even 
an equivalency formula relating natural fires to an equivalent ISO 834 
standard fire duration in Annex F. The natural fire curve of EN 1991-1-2 is a 
function of the fire load density q representing the total energy which can be 
released by combustion, the opening factor O representing the amount of 
ventilation, and the geometry of the compartment, and gives the gas 
temperature inside the compartment as a function of time. Other natural fire 
curves have been proposed in literature, for example the iBMB parametric 
fire curve (Zehfuss & Hosser, 2007) and the BFD curve (Barnett, 2002 & 
2007), but considering its current importance, focus is put on the Eurocode 
natural fire curve. 
A number of EN 1991-1-2 natural fire curves are visualized in Figure V.1 
and Figure V.2 for different opening factors O and fire load densities q, 
together with the ISO 834 standard fire for comparison. The compartment 
area Af is set at 400 m² and the compartment height H at 3 m. Furthermore all 
calculations in this chapter relate to a square compartment as this assumption 
is most conservative. The compartment floor area Af, compartment height H 
and the assumption of square ground plan do influence the results, but their 
effect on the Eurocode fire curve is equivalent to the effect of a change in fire 
load density (as shown in Appendix D) and therefore the results can be 
applied to different compartment geometries when applying an appropriate 
transformation to the fire load density. 
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Figure V.1: ISO 834 standard fire and EN 1991-1-2 natural fire curve for q = 
800 MJ/m² and different O. 
 
Figure V.2: ISO 834 standard fire and EN 1991-1-2 natural fire curve for 
different q and O = 0.05 m1/2. 
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Based on the formulation of EN 1991-1-2 and the visualizations in Figure 
V.1 and Figure V.2 a clear distinction can be made between fuel controlled 
fires and ventilation controlled fires, with the ventilation controlled fires 
being much more severe from the perspective of structural safety. 
Furthermore, considering modern building materials and methods most fires 
are increasingly ventilation controlled. According to EN 1991-1-2, the 










= −  
(V.1) 
 
with At the total area of compartment enclosing and tlim the time of peak 
temperature in case of a fuel controlled fire (20 minutes for a medium fire 
growth). If Z is positive the fire is ventilation controlled, elsewise the fire is 
fuel controlled. 
Having determined the characteristics of the natural fire, the question remains 
what fire safety requirements should be applied to structural elements. As 
construction products in the European Union have an R-rating associated 
with the ISO 834 standard fire (for example R30 implies a structural fire 
resistance of 30 minutes to the ISO 834 fire), the natural fire curve should be 
translated into an equivalent ISO 834 fire duration: tISO,eq. When tISO,eq is 
known, the accepted design solutions of EN 1992-1-2 (CEN, 2004b) for 
concrete elements can be applied and large databases of test results can be 
consulted. 
An equivalency formula is given in Annex F of EN 1991-1-2 (CEN, 2002b): 
 
,ISO eq f b f ct q k w k=  (V.2) 
 
with qf the fire load density (noted as q in this chapter), kb a conversion factor 
depending on the thermal properties of the enclosure (for concrete kb = 0.55), 
wf the ventilation factor and kc a correction factor in case of unprotected steel 
(i.e. kc = 1 for concrete). The formula of the ventilation factor is dependent on 
the height of the compartment, the area of vertical openings, the area of 
horizontal openings in the roof and the floor area Af (CEN, 2002b). In order 
to evaluate (2), two further assumptions are made in order to make some 
comparisons: the average height of the vertical openings is 1.7 m, and no 
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horizontal openings are present. A visualization of equation (V.2) for 
different fire load densities q and opening factors O is given in Figure V.3. 
 
Figure V.3: Equivalent ISO 834 standard fire duration tISO,eq according to EN 
1991-1-2, as a function of q and O (Af = 400 m², H = 3 m, heq = 1.7 m) 
 
The equivalency curves in Figure V.3 shift only a little with compartment 
area Af (except for very small compartments < 100 m²). As according to 
equation (V.2) tISO,eq is a linear function of the fire load density, linear 
interpolation can be used to find tISO,eq for intermediate values of q.  
V.2.2. Reliability-based equivalent ISO 834 standard fire duration 
and evaluation of the Eurocode equivalency 
For many countries no distinct performance requirements have been set 
which define the targets which have to be met by the performance-based 
design. Therefore equivalency with the old prescriptive designs is often the 
implicit or explicit requirement. As stated above, for structural fire safety this 
implies a safety level during exposure to natural fires which is at least as high 
as the safety level during exposure to the ISO 834 standard fire curve of the 
prescriptive design concept. Using the calculation tools described in Chapter 
II and applying the methodology of Chapter III for concrete slabs subjected 
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to pure bending allows to calculate and compare the reliability during 
exposure to both natural fires and standard fires, as applied in Figure V.4 and 
Figure V.5 for different combinations of q and O, for slab type A. 
In both Figure V.4 and Figure V.5, an alternative result for the combination q 
= 1400 MJ/m² and O = 0.04 m1/2 is visualized which rises again after 
approximately 200 minutes. This alternative represents the structural 
reliability obtained when considering recovery of the reinforcement strength 
properties in the cooling phase. Although a strength recovery after fire 
exposure has been described in literature (fib, 2008), it is reasonable to 
assume that this strength recovery is not instantaneous. More importantly, if 
immediate strength recovery is taken into account, the minimum value of βfi,t 
(further denoted as βmin) will be overestimated due to the stochastic nature of 
amongst others the concrete cover (some stochastic realizations of the 
reinforcement will already be in the cooling phase and recovering, while 
others will still be in the heating phase). 
 
Figure V.4: Reliability index βfi,tE for slab type A exposed to the ISO 834 
standard fire curve and the EN 1991-1-2 parametric fire curve (q = 1400 
MJ/m², O every 0.02 m1/2 from 0.02 to 0.20 m1/2). 
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Figure V.5: Reliability index βfi,tE for slab type A exposed to the ISO 834 
standard fire curve and the EN 1991-1-2 parametric fire curve (q every 200 
MJ/m² from 200 to 1800 MJ/m², O = 0.04 m1/2). 
 
When the fire is ventilation controlled, an increase in the opening factor O 
results in a faster fire development and a higher peak value of the gas 
temperature θg, but also results in an earlier start of the cooling phase (as 
visualized in Figure V.1). Therefore the reliability index βfi,tE in Figure V.4 
drops more quickly for fires with a larger O, but the final value of βmin is 
larger thanks to the earlier onset of the cooling phase. When O is increased 
further until the fire becomes fuel controlled, the fire becomes much less 
severe as illustrated in Figure V.1 and Figure V.2, but this change from a 
ventilation controlled to a fuel controlled fire does not result in a clear effect 
with respect to the reliability index βfi,tE: the earlier trend of higher βmin for 
larger O continues. 
The obtained minimum value of the reliability index βmin, defines a 
reliability-based equivalent ISO 834 standard fire duration as the time of 
exposure to the ISO fire for which the same reliability index is found, i.e. βmin 
is projected on the reliability index curve associated with exposure to the ISO 
834 fire. These projections are visualized in Figure V.4 and Figure V.5 by the 
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diamond-shaped dots and define an equivalent standard fire duration tISO,eq 
through a second projection on the (horizontal) time axis. An overview of the 
obtained reliability-based tISO,eq is given in Figure V.6. 
 
Figure V.6: Reliability-based equivalent ISO 834 standard fire duration tISO,eq, 
as a function of q and O. 
 
The results in Figure V.6 can be applied to other compartment geometries as 
well by applying the equivalency considerations mentioned in Appendix D, 
but the reliability-based tISO,eq is not independent of all basic parameters of 
the slab configuration, as elaborated further. First the reliability-based tISO,eq 
is compared in Figure V.7 with the tISO,eq obtained through the formula of EN 
1991-1-2, indicating that the Eurocode formula is not conservative for most 
combinations of q and O. Only when both the opening factor O is small and 
the fire load q is large, the formula of EN 1991-1-2 can be considered 
conservative. 
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Figure V.7: Comparison of tISO,eq according to EN 1991-1-2, and according to 
the concept of equivalent reliability (calculations of Figure V.3 and Figure 
V.6). 
V.2.3. Effect of basic parameters of the slab configuration on the 
reliability-based equivalent standard fire duration 
As mentioned above the reliability-based tISO,eq is in principle dependent on 
the slab configuration, while on the other hand the EN 1991-1-2 equivalency 
formula is fully independent of the configuration considered. However, for 
basic parameters such as the concrete compressive strength fck and the 
reinforcement area As, tISO,eq does not differ significantly when changing the 
nominal value of these parameters. As an example, Figure V.8 visualizes the 
reliability-based tISO,eq for the reference slab configuration with a scatter plot 
(horizontal reinforcement spacing s = 100 mm), while the result for a 
modified slab configuration (with s = 150 mm) is visualized using a line plot. 
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Figure V.8: Comparison of reliability-based tISO,eq for s = 100 mm and s = 
150 mm, all other variables according to Table III-1. 
 
Clearly, no effect on tISO,eq can be discerned. Similar results are obtained 
when modifying fck = 30 MPa to fck = 40 MPa or 50 MPa. This is in full 
agreement with the parameter study presented in Table III.5: a change in the 
nominal value of fck, fyk, h or s does not alter the reliability index βfi,tE. 
Similarly, based on Table III.6 a change in variability for fc, h, s or kfy should 
have only a small effect on tISO,eq. This has been confirmed by calculations. 
However, a change in for example the nominal concrete cover c, or the 
concrete cover variability σc does significantly affect βfi,tE (as has been 
discussed in the parameter studies of Chapter III). This effect is different for 
the reliability index βfi,tE and for βmin: whereas βmin relates only to the final 
minimum reliability obtained during exposure to the natural fire curve, βfi,tE 
relates as well to the speed with which the reliability decreases during fire 
exposure. As an example consider a change of the nominal concrete cover c 
for slab type A from 35 mm to 25 mm. Consequently, βmin decreases which 
results in a larger tISO,eq. However, the reduction of the concrete cover also 
results in βfi,tE decreasing earlier in the fire (which results globally in a 
smaller tISO,eq as observed further in Figure V.9). Although both effects 
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partially cancel each other, they are not directly related and therefore a 
change in tISO,eq is observed. This concept is illustrated in Figure V.9 where 
the graphical calculation of tISO,eq for c = 25 mm is visualized in black and 
blue, while the earlier results of Figure V.5 for c = 35 mm are visualized in 
gray. 
 
Figure V.9: Reliability index βfi,tE for slab type A with adjusted c  = 25 mm 
exposed to the ISO 834 standard fire curve and the EN 1991-1-2 parametric 
fire curve (q every 200 MJ/m² from 200 to 1800 MJ/m², O = 0.04 m1/2). Grey 
curves give the results of Figure V.5 (c = 35 mm). 
 
As indicated in Figure V.9 the reduction of c results in a lower tISO,eq. An 
overview of tISO,eq for different c and O as a function of q is given in Figure 
V.10. It is concluded that the largest effect on tISO,eq exists for a small opening 
factor O. For larger O the difference in tISO,eq is small. Furthermore, the 
overall trend of the curves is not affected by the change in c. 
Similarly, the effect of a change in concrete cover standard deviation can be 
investigated. Considering σc = 10 mm, instead of 5 mm (reference situation), 
the reliability index βfi,tE and associated reliability-based tISO,eq are visualized 
in Figure V.11. 
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Figure V.10: Comparison of reliability-based tISO,eq for different nominal 
concrete covers c, all other variables according to Table III-1. 
 
Figure V.11: Reliability index βfi,tE for slab type A with adjusted σc = 10 mm 
exposed to the ISO 834 standard fire curve and the EN 1991-1-2 parametric 
fire curve (q every 200 MJ/m² from 200 to 1800 MJ/m², O = 0.04 m1/2). Grey 
curves give the results of Figure V.5 (σc = 5 mm). 
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In Figure V.11, an increase of σc is associated with a decrease of tISO,eq. There 
is however a very important assumption underlying this result: both the 
reliability for the parametric fire exposure and for the ISO 834 fire exposure 
have been calculated with σc = 10 mm. However, as elaborated in Chapter III 
and visualized as well in Figure V.11, an increase of σc is associated with an 
accelerated decrease of βfi,tE during fire exposure. Consequently, the results of 
Figure V.11 are correct from a methodological point of view, but as the 
Eurocode is not explicitly considering the effect of σc (consider for example 
the accepted design solutions for concrete elements in the “tabulated data” 
section of EN 1992-1-2) the tISO,eq calculated in Figure V.11 does not result in 
the same level of safety as can be expected from a normal design situation 
(with σc = 5 mm). From this perspective an equivalent standard fire duration 
tISO,eq which is consistent across design alternatives should be determined 
with respect to a single reference curve βfi,tE, considering standard values of 
the basic variables and exposure to the ISO 834 standard fire. 
Applied to the situation visualized in Figure V.11, the reasoning above 
implies that the reference ISO 834 curve which should be applied for both 
natural fire exposures (i.e. for σc = 5 mm, and σc = 10 mm), is the grey 
reference curve (calculated with a reference value σc = 5 mm). This 
alternative calculation results in an increase of tISO,eq for larger σc, as 
visualized in Figure V.12 and which can be considered more reasonable 
considering the results of Chapter III. From a practical point of view this 
means that structures with a large standard deviation for the concrete cover 
(i.e. in case of poor quality control, or due to measurement uncertainties 
when assessing existing structures) are associated with a larger tISO,eq, which 
subsequently results in a larger required nominal concrete cover when 
applied in conjunction with the tabulated data of EN 1992-1-2. Applying the 
tabulated data in this manner results in an obtained reliability index βfi,tE 
considering the local fire characteristics (i.e. fire load, ventilation 
characteristics…) which is equivalent to the inherent reliability index 
required by the Eurocode for standard fire exposure of a standard design.  
Similarly, this alternative methodology results in a reduction of tISO,eq in case 
of increased quality control, which would allow to reduce the required 
concrete cover for a given fire resistance. Again, this result is both reasonable 
and desirable when one wants to benefit from the effort of applying a 
performance-based design. 
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Figure V.12: Reliability index βfi,tE for slab type A with adjusted σc = 10 mm 
exposed to the ISO 834 standard fire curve and the EN 1991-1-2 parametric 
fire curve (q every 200 MJ/m² from 200 to 1800 MJ/m², O = 0.04 m1/2). Grey 
curves give the results of Figure V.5 (σc = 5 mm). Bold blue line corresponds 
to reference ISO 834 reliability index for σc = 5 mm. 
V.2.4. Model uncertainty for the Eurocode equivalency formula 
From a practical perspective it seems most realistic to maintain the Eurocode 
equivalency formula in the short term as this formula is well known and easy 
to apply by practitioners. However, considering the observations described 
above certain reservations have to be made. One possibility is to consider the 
ratio ktISO = tISO,eq,rel / tISO,eq,EN1991-1-2 as observations of a model uncertainty 
KtISO on the eurocode equivalency formula. Consequently, the stochastic 
representation of tISO,eq is given by: 
,ISO eq tISO f b f ct K q k w k=  (V.3) 
 
with qf, kb, wf and kc the (deterministic) parameters as described above for 
equation (V.2). A histogram for ktISO and a lognormal model for KtISO (µKtISO 
= 1.45 and VKtISO = 0.20) are visualized in Figure V.13. 
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Figure V.13: Observed histogram ‘A’ of ktISO, together with the proposed 
model for KtISO (lognormal distribution with µKtISO = 1.45 and VKtISO = 0.20). 
V.2.5. Conclusion 
While traditional prescriptive fire safety design relates to standard fire 
exposure as for example the ISO 834 fire, the performance based design 
concept promotes the use of natural fire curves which take into account the 
available fire load, ventilation characteristics, and the geometry of the 
compartment. Using the calculation tools of Chapter II and the methodology 
of Chapter III, the reliability of concrete elements during natural fire 
exposure can be assessed. However, for many practical applications the 
natural fire curve will be related to an equivalent ISO 834 standard fire 
(tISO,eq) in order to use for example the tabulated data of EN 1992-1-2. 
Currently, tISO,eq is determined through an analytical formula given in Annex 
F of EN 1992-1-2. However, when comparing the reliability indices obtained 
on the one hand by fully considering the heat transfer for the natural fire 
exposure, and on the other hand by considering the Eurocode equivalency 
formula, it is observed that the Eurocode equivalency formula does not result 
in an equivalent safety level. On the contrary, the Eurocode equivalency 
formula is found to be non-conservative. 
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In order to make tISO,eq more precise with the goal of obtaining an equivalent 
reliability for both the considered natural fire exposure and the equivalent 
standard fire exposure, a lognormal model uncertainty KtISO is introduced for 
the Eurocode equivalency formula, with mean µKtISO = 1.45 and coefficient of 
variation VKtISO = 0.20. If the calculated tISO,eq should on average result in 
equivalent reliability, the Eurocode equivalency formula should therefore be 
multiplied with 1.45. 
V.3. Target reliabilities and fire ignition frequencies 
implicitly assumed by EN 1992-1-2 
For normal design conditions target reliabilities are explicitly given in EN 
1990 (CEN, 2002a). However, for the accidental situation of fire exposure, 
neither the target reliability index, nor the underlying assumptions of the 
calculations are known. Nevertheless, based on the results of Chapter III the 
implicit assumptions of the semi-probabilistic design concept  of EN 1992-1-
2 (CEN, 2004b) can be evaluated, i.e. in section V.3.2 the target reliability 
during fire exposure is investigated, and in section V.3.3 the assumed fire 
ignition frequency. First, however, the methodology used in the “natural fire 
safety concept” for determining the target reliability during fire exposure is 
introduced in V.3.1. Although it seems that the application of this concept 
should be subject to boundary conditions, the basic methodology is very 
interesting and forms the basis for the evaluation in V.3.3 of the fire ignition 
frequencies assumed in EN 1992-1-2. 
V.3.1. Target reliabilities according to the natural fire safety 
concept 
According to the report concerning the natural fire safety concept (NFSC) 
(European Commission, 2002), the goal is to establish a more realistic 
approach to structural fire safety, considering real fire characteristics and 
active firefighting measures. To this end a basic assumption is introduced: 
during the lifetime of the structure the probability of structural failure during 
fire exposure should be equal to the probability of failure in the persistent 
design situation, as described by equation (V.4), (Schleich, 2013) and 
(Albrecht & Hosser, 2010). 
( ), 1990 , 1990 ,t EN f EN fi f fiP p PβΦ − = =  (V.4) 
 
Consequently, the target reliability index during fire exposure βt,fi can be 
calculated by (V.5), with Pf,fi the conditional theoretical probability of 
structural failure given a fully developed fire, pfi the probability that the 
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structure is exposed to a fully developed fire, and Pf,EN1990 the target value of 
the theoretical probability of structural failure in the persistent design 
situation. 
( ) ( ), 1990, 1990
, ,
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For normal design calculations βt,EN1990 refers to a 50 year reference period. In 
this case and for consequence class CC2, EN 1990 (CEN, 2002a) prescribes 
the well-known value of 3.8 for the target reliability index. For a one-year 
reference period EN 1990 prescribes βt,EN1990 = 4.7. Assuming the yearly 
probabilities of failure to be independent, the reliability index βt,EN1990,tref for a 
reference period tref can be related to the reliability index βt,EN1990,1 (one year 
reference) through (V.6). For βt,EN1990,1 =4.7, (V.6) gives βt,EN1990,50 = 3.826 ≈ 
3.8. 
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Considering different values of βt,EN1990,1, βt,fi is determined by equation (V.5) 
as a function of the annual probability of a fully developed fire pfi,1. This 
probability pfi,1 is related to the annual probability of fire ignition p1,1, and the 
probability of successful fire suppression psup. The probability (1-psup) is in 
turn related to the probability p2 that the fire is not extinguished by the users, 
the probability p3 that the fire is not extinguished by the fire brigade, the 
probability p4 of failure of the sprinkler system (p4 = 1 in case no sprinkler 
system is available), and the probability p5 that the structural element is 
located in the part of the structure engulfed by the fire (p5 =1 if p1,1 is 
determined for a single compartment and the entire compartment is engulfed 
by the fire). These concepts are represented mathematically by equations 
(V.7) and (V.8). Furthermore, as both βt,EN1990,1 and pfi,1 relate to a one year 
reference period, the obtained target βt,fi relates to a one year reference period 
as well. This is of importance for the considered reference period for the 
imposed load Q. As elaborated in Chapter III and necessary for the 
optimization calculations of Chapter VI, the imposed load is modeled by a 
rectangular wave renewal process with renewal frequency of 5 year, and 
therefore a 5 year reference period is considered for the basic reliability 
calculations. The transformation of βt,fi,1 for a one year reference period to 
βt,fi,5 for a 5 year reference period is obtained through a modified application 
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of equation (V.6), and the obtained values are visualized in Figure V.14. As a 
reference for making comparisons, theoretical values for βt,fi,50 (i.e. 
considering a 50 year reference period) are given in Figure V.15. 
( ),1 1,1 sup1fip p p= −  (V.7) 
( )sup 2 3 4 51 p p p p p− =  (V.8) 
 
Figure V.14: Target reliability index βt,fi,5 (5 year reference period) for 
structural elements exposed to fire, as a function of the annual probability of 
a fully developed fire pfi,1, for different values of βt,EN1990,1. 
 
According to Albrecht & Hosser (2010), p2 = 0.5 and p3 = 0.2 (for a public 
fire brigade with an intervention time less than 15 minutes). Similar values 
have been used in Handbook 5 of the Eurocodes (Holický et al., 2005). 
Slightly different values have been applied for the natural fire safety concept 
(European Commission, 2002), but irrespective of the values for p2 and p3 
considered appropriate, the target reliability index βt,fi for the fire situation 
can easily be determined through Figure V.14 or Figure V.15. 
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Figure V.15: Target reliability index βt,fi,50 (50 year reference period) for 
structural elements exposed to fire, as a function of the annual probability of 
a fully developed fire pfi,1, for different values of βt,EN1990,1.  
 
Fire ignition frequencies p1,1 can be found in literature, e.g. Rahikainen and 
Keski-Rahkonen (2004) presented an elaborate study on Finnish fire ignition 
frequencies. Their results are given in Table V.1 for different occupancies 
(yearly fire ignition frequency), where the symbol describing the yearly fire 
ignition frequency has been updated to λig, as this is a more common notation 
(especially for the calculations in Chapter VI). 
Table V.1: Yearly fire ignition frequency λig for different occupancy types 
(Rahikainen and Keski-Rahkonen, 2004) 
Building type λig [1/year] 
Residential 1.6 10-3 
Commercial 4.6 10-3 
Institutional 1.3 10-2 
Office 2.5 10-3 
Assembly 2.9 10-3 
Educational 5.1 10-3 
Industrial 1.4 10-2 
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However, often fire ignition frequencies are tabulated as an occurrence rate 
per m², e.g. (Rahikainen and Keski-Rahkonen, 2004) for Finland, (Sandberg, 
2004) for Sweden, and (Sleich et al., 2002) and (Fontana et al., 1999) for 
Bern – Switzerland. Consideration of these ignition frequencies requires 
knowledge of the floor area of the structure, but allows for a more detailed 
assessment of the ignition frequency. A comparison for different frequencies 
listed in the literature is presented in Table V.2. Note that the frequencies per 
m² floor area obtained from (Rahikainen and Keski-Rahkonen) refer to the 
same underlying dataset as applied for the floor area-independent frequencies 
listed above in Table V.1. 
 
Table V.2: Comparison of fire ignition frequencies for different building 
types (frequency per year and per m²) 










(Sleich et al., 2002) & 
(Fontana et al., 1999) 
Residential 7.1 10-6 - 3.3 10-5 
Commercial 8.5 10-6 1.6 10-5 - 
Institutional
 
9.5 10-6 3.1 10-5 1.1 10-5 
Office 1.7 10-6 4.0 10-6 1.1 10-5 
Assembly 4.6 10-6 8.7 10-6 - 
Educational 1.1 10-5 1.2 10-5 -
 
Industrial 8.1 10-6 1.1 10-5 1.2 10-5 
 
There are differences between the studies, but all fire ignition frequencies are 
within the same order of magnitude. Therefore, for general calculations 
where no information with respect to the area of the structure is available, the 
fire ignition frequencies given in Table V.1 can be used as a first 
approximation. 
 
Based on the fire ignition frequencies given in Table V.1 and considering psup 
equal to 0.9, the cumulative distribution of the time to the first fully-
developed fire is visualized in Figure V.16 for an office building and an 
institutional building (e.g. library, town hall) for a period of 100 years. 
Graphs for other fire ignition frequencies λig are added for comparison. These 
curves are based on an exponential distribution, as is common for describing 
the waiting time between the occurrence of rare events. The applicability of 
the exponential distribution is shown through mathematical derivation in 
Chapter VI. For now, the mathematical description of the cumulative 
Chapter V: Performance based design 221 
exponential distribution for the time to the first fully developed fire is given 
by equation (V.9). 
 
Figure V.16: Cumulative density function for the time to the first fully-
developed fire (visualized until 100 years), for a library and an office 
building and other fire ignition frequencies. 
 
,
( ) 1 tT fiF t e λ−= −  (V.9) 
 
Considering an annual fire ignition frequency for a commercial building as 
given in Table V.1, psup = 0.9, and a consequence class CC2 (i.e. βt,EN1990,1 = 
4.7) βt,fi,5 = 2.19, as illustrated in Figure V.14. This target reliability index is 
comparable to the implicit target reliability index associated with the 
tabulated data of EN 1992-1-2, as will be elaborated in the next section. 
However, when considering a sprinklered office compartment of 200 m², 
with an annual fire ignition frequency of 4·10-6 / m² as indicated by 
(Sandberg, 2004) in Table V.2, firefighting failure probabilities based on 
(European Commission, 2002) of p2 = 0.4, p3 = 0.1 (professional fire brigade 
with arrival time within 20 minutes), p4 = 0.01 (high standard sprinklers), and 
p5 = 1, no target reliability index βt,fi can be found in Figure V.14. Directly 
applying equation (16) results in a conditional probability of failure Pf,fi of 
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2.03, which is mathematically impossible and should be interpreted 
according to the natural fire safety concept as a situation where no 
requirements for structural stability in case of fire should be set, i.e. a 
situation where the structure is effectively allowed to fail immediately in case 
a fully developed fire with minor severity should occur despite its low 
probability of occurrence. As will be discussed in section V.4, the 
acceptability of this result can be questioned. 
V.3.2. Implicit target reliabilities according to EN 1992-1-2 
Through the Construction Products Regulation (EU, 2011), in the European 
Union national legal requirements of member states for structural fire safety 
are related to the concept of the fire resistance time tR as defined by EN 1992-
1-2 (CEN, 2002b):  
, , , ,
                for d fi tE d fi tE E RR E t t≥ ≤  (V.10) 
 
For the calculation of the design values during fire exposure, the partial 
safety factors are equal to unity (accidental design situation). Consequently, 
Ed,fi,tE < Ed,20°C and at the start of the fire (tE = 0 min) Rd,fi,tE > Rd,20°C. While it 
is commonly assumed that the design load Ed,fi,tE is constant during fire, the 
design value of the resistance effect reduces as a function of the fire duration 
tE, due to the loss of strength and stiffness as has been elaborated in the 
previous chapters. This design concept for structural fire resistance is 
illustrated in Figure V.17. 
Where EN 1990 (CEN, 2002a) gives target reliabilities for structures during 
normal design conditions, the (implicit) target reliabilities βt,fi associated with 
fire exposure are not known. Knowing βt,fi would be most beneficial as it 
allows for a less ambiguous assessment of the fire resistance time of existing 
structures, and can be a strong basis for applications of the performance-
based design methodology. Furthermore, these target values implicitly 
assumed by EN 1992-1-2 could be compared with the target probabilities of 
the natural fire safety concept. 
As the reliability index during fire exposure βfi,tE has been determined in 
Chapter III, and tR can be calculated in accordance with EN 1992-1-2, the 
reliability index βfi,tR at the fire resistance time can be evaluated for any 
configuration. The obtained values for βfi,tR can be considered as individual 
realizations of the implicit target reliability index βt,fi. This general 
methodology is introduced further through an application for slab type A. 
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Figure V.17: Illustration of the design concept for structural fire safety 
according to EN 1992-1-2. 
V.3.2.1 Structural fire resistance time tR (advanced calculation method 
of EN 1992-1-2) 
For slab type A subjected to pure bending, equation (V.10) specifies to: 
, , , ,
                for Rd fi tE Ed fi tE E RM M t t≥ ≤  (V.11) 
 
with MRd,fi,tE the design value of the bending moment capacity and MEd,fi,tE the 
design value of the bending moment induced by the design loads, both at tE 
minutes of exposure to the ISO 834 standard fire. As mentioned above, a 
common safe assumption is MEd,fi,tE = MEd,fi, i.e. the permanent and imposed 
loads are invariant with respect with the fire duration tE. 
While MRd,fi,tE is independent of the load ratio χ, MEd,fi,tE is χ-dependent: 
, , ,
1
1Ed fi tE Ed fi Gk fi Qk Gk fi
M M M M M χψ ψ
χ
 
= = + = + 
− 
 (V.12) 
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with ψfi the combination factor for the imposed load for the accidental load 
situation of fire. Based on (NBN, 2008), ψfi = 0.6 is considered. 
Consequently, tR is χ-dependent as well, as shown in Figure V.18 where 
MRd,fi,tE, MEd,fi and the associated results for tR are visualized for slab type A 
(anom = 40 mm, with anom the nominal reinforcement axis distance to the 
exposed surface). For comparison, MRd,fi,tE associated with other anom are 
visualized as well. For these alternative designs with reduced concrete cover 
thickness compared to the reference design of anom = 40 mm, the horizontal 
reinforcement spacing s has been adjusted to obtain the same value for 
MRd,20°C. 
V.3.2.2 Observed implicit target reliability index βfi,tE=tR (advanced 
calculation method of EN 1992-1-2) 
The structural fire resistance times tR defined by (V.11), and illustrated by 
Figure V.18, can be associated with a reliability index βfi,tE=tR (further 
denoted as βfi,tR in this section) when applying the methodology of Chapter 
III, i.e. the reliability index βfi,tE calculated in Chapter III is evaluated for tE = 
tR. This is illustrated in Figure V.19 for anom = 40 mm and in Figure V.20 for 
all the results given above in Figure V.18. 
The obtained reliability index βfi,tR of the Eurocode methodology is dependent 
on the load ratio χ and on the reinforcement axis distance a (i.e. dependent on 
the concrete cover c). 
As indicated by the parameter study in III.2.4.1, other parameters as for 
example the concrete compressive strength fck and the reinforcement yield 
stress fyk do not affect βfi,tE significantly. Therefore, from the perspective of 
structural safety, a modification in these parameters should not affect tR 
either. 
In accordance with the methodology of Chapter III, the reliability indices in 
Figure V.20 have been calculated for an imposed load effect Q with a 5 year 
reference period. As standard calculations for EN 1992-1-2 are executed with 
a 50 year reference period, Figure V.20 is recalculated in Figure V.21 
considering a 50 year Gumbel distribution for Q: while tR is not affected by 
the change of reference period, βfi,tR is smaller. 
Applying the basic methodology described above for a large number of 
configurations, a histogram of βfi,tR can be determined, as visualized in Figure 
V.22 considering a 5 year reference period for the imposed load. 
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Figure V.18: MRd,fi,tE, MEd,fi and associated tR for different anom (i.e. different 
nominal concrete cover c), for MRd,20°C = cte. 
 
Figure V.19: βfi,tE, tR and βfi,tR for slab type A (anom = 40 mm), different load 
ratios χ. 
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Figure V.20: βfi,tE, tR and βfi,tR for different nominal axis distances anom and 
different load ratios χ, 5 year reference period for the imposed load Q. 
 
Figure V.21: βfi,tE, tR and βfi,tR for different nominal axis distances anom and 
different load ratios χ, 50 year reference period for the imposed load Q. 
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Figure V.22: Observed histogram for βfi,tR (5 year reference period for Q). 
The vertical axis depicts observed values for the PDF, i.e. the observed 
frequency in each interval divided by the interval width. 
 
As already indicated by Figure V.20, for a 5 year reference period βfi,tR  is 
situated around a value of 1.35 ± 0.5. Similar calculations for a 50 year 
reference period result in βfi,tR = 0.7 ± 0.3. The mean values for the obtained 
reliability index βfi,tR can be interpreted as the implicit target reliability index 
βt,fi implicitly incorporated in EN 1992-1-2 for structural fire safety design. 
This observation is of interest for the performance based design concept 
when equivalency with the prescriptive design rules is required, but is 
furthermore of specific interest for the evaluation of the structural fire 
resistance of existing structures, as for this type of structures considerable 
uncertainty may exist with respect to the basic variables (as for example the 
concrete cover) and currently no calculation rules exist to take into account 
this uncertainty, and a reliability-based assessment with reference to a target 
reliability index should be established. As an example, consider the reliability 
index βfi,tE visualized earlier in Figure III.29 (parameter study on the standard 
 eviation of the concrete cover σc), as revisualized in Figure V.23. A classical 
application of the fire resistance criterion of equation (V.11) results in the 
same tR for all four cases considered, However, when taking into account a 
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target reliability index βt,fi of 1.35, the same reliability index is obtained for 
each of the considered σc, and the differentiation is transferred to the fire 
resistance time tR, with an increased fire resistance time for slabs with a small 
σc (improved quality control or low uncertainty) and a reduced fire resistance 
for slabs with a large σc (poor quality control or high uncertainty). From the 
perspective of equivalent targeted safety level this alternative situation is 
clearly desirable. 
 
Figure V.23: βfi,tE for slab type A for different standard deviations σc for the 
concrete cover (σc = 0, 2, 5 or 10 mm), χ = 0.5, indication of structural fire 
resistance time tR (advanced calculation method: 196 min), and based on βt,fi 
= 1.35, 5 year reference period for the imposed load Q. 
V.3.2.3 Observed implicit target reliability index βfi,tE=R (tabulated data 
of EN 1992-1-2) 
In the previous section the implicit target reliability index βt,fi has been 
determined in accordance with the advanced calculation method of EN 1992-
1-2. However, EN 1992-1-2 also provides tabulated data with accepted 
design solutions for given structural fire resistance times. These tabulated fire 
resistance times are further denoted as R, in order to make a clear distinction 
with the results of the previous section. Clearly, the same methodology as 
Chapter V: Performance based design 229 
above can be applied in order to determine the reliability index obtained at 
this fire exposure time, i.e. βfi,tE=R. A set of results obtained for slab type A, 
considering different nominal concrete covers c is given in Table V.3, 
together with the tR and βfi,tE=tR obtained in accordance with the advanced 
calculation method in the previous section. Clearly, the tabulated data is 
much more stringent with respect to the reliability index at the fire resistance 
time.  
Table V.3: Fire resistance time R tabulated in EN 1992-1-2 for an axis 
distance a to the exposed surface (one-way simply supported solid slab), 
reliability index βfi,tE=R, fire resistance time tR according to the advanced 
calculation method of EN 1992-1-2, and reliability index βfi,tE=tR. (Q5) 
a [mm] χ [-] R [min] βfi,tE=R [-] tR [min] βfi,tE=tR [-] 
20 0.3 60 1.47 74 0.83 
20 0.5 60 1.97 82 1.02 
20 0.7 60 2.39 92 1.24 
30 0.3 90 2.25 121 1.05 
30
 
0.5 90 2.82 134 1.27 
30 0.7 90 3.11 149 1.46 
40 0.3 120 3.16 178 1.23 
40 0.5 120 3.56 196 1.48 
40 0.7 120 3.66 218 1.62 
55 0.3 180 3.81 280 1.45 
55 0.5 180 3.99 307 1.71 
55 0.7 180 3.95 338 1.78 
 
The results in Table V.3 indicate that the tabulated data of EN 1992-1-2 are 
not consistent with respect to the obtained reliability index βfi,tE=R. 
Consequently, no clear implicit target reliability index can be derived from 
these results. In order to allow for a comparison with other results in this 
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Table V.4: Fire resistance time R tabulated in EN 1992-1-2 for an axis 
distance a to the exposed surface (one-way simply supported solid slab), 
reliability index βfi,tE=R, fire resistance time tR according to the advanced 
calculation method of EN 1992-1-2, and reliability index βfi,tE=tR. (Q50) 
a [mm] χ [-] R [min] βfi,tE=R [-] tR [min] βfi,tE=tR [-] 
20 0.3 60 1.17 74 0.54 
20 0.5 60 1.46 82 0.52 
20 0.7 60 1.71 92 0.47 
30 0.3 90 1.85 121 0.67 
30
 
0.5 90 2.20 134 0.65 
30 0.7 90 2.44 149 0.58 
40 0.3 120 2.68 178 0.79 
40 0.5 120 2.99 196 0.76 
40 0.7 120 3.08 218 0.67 
55 0.3 180 3.31 280 0.93 
55 0.5 180 3.47 307 0.90 
55 0.7 180 3.44 338 0.78 
V.3.2.4 Calculated implicit target reliability index βtE=tR,EN1992-1-2 
(advanced calculation method EN 1992-1-2) 
Whereas in the sections V.3.2.2 and V.3.2.3 above, an observed implicit 
target reliability index has been determined, an alternative methodology can 
be derived which allows to directly calculate the implicit target reliability 
index. This alternative methodology is based on the reliability calculation 
procedure of Chapter III and on the structural fire resistance criterion of 
equation (V.11). For every tE a theoretical value for MEd,fi,tE is defined by 
(V.11) which results in tE = tR. Considering furthermore equation (V.12), the 
associated theoretical value for MGk is given as a function of the design value 
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where the * has been introduced to make a distinction with MGk calculated in 
other sections. Considering the probabilistic models for MG and MQ given in 
Table III.4, equation (V.13) defines time-dependent probabilistic models for 
both the bending moment induced by the permanent load MG and the bending 
moment induced by the imposed load MQ. These time-dependent models 
have been constructed through equation (V.13) in order to correspond with tE 
= tR. When applying these load models in conjunction with the limit state 
function of equation (III.1), a time-dependent limit value βlimEC for the 
reliability index βfi,tE is obtained which first of all makes the Eurocode limit 
criterion explicit, and furthermore translates the fire resistance criterion of 
equation (V.11) from a strength-based criterion to a reliability-based 
criterion, i.e.: 
,
                for fi tE limEC E Rt tβ β≥ ≤  (V.14) 
 
Results for slab type A are visualized in Figure V.24 (Q5) and Figure V.25 
(Q50), together with βfi,tE calculated in Chapter III. Note that the intersection 
of both curves defines the structural fire resistance time tR, which by 
mathematical derivation is identical to the result given above in Figure V.19 
and Table V.3 (and Figure V.21 and Table V.4) for the advanced calculation 
method. 
Interestingly, the reference period considered for the imposed load effect (i.e. 
Q5 or Q50) has an important effect on the evolution of βlimEC with the fire 
duration tE. While for Q5 the calculated values for βlimEC diverge for different 
χ
 
for large fire durations tE, a convergence occurs when considering Q50. 
Since furthermore standard design calculations in accordance with EN 1992-
1-2 are performed considering Q50, it seems reasonable to focus on the 50 
year reference period for discerning practical applicability.  
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Figure V.24: βlimEC and βfi,tE for slab type A, 5 year reference period for Q, 
indication of tR and βfi,tR. 
 
Figure V.25: βlimEC and βfi,tE for slab type A, 50 year reference period for Q, 
indication of tR and βfi,tR. 
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The parametric study of Chapter III has indicated that basic parameters as for 
example fck and fyk have only a limited effect on βfi,tE, while on the other hand 
the concrete cover c does have a very strong effect. Consequently, βlimEC is 
not affected by a change of for example fck, but a change of nominal concrete 
cover c is very significant, as visualized in Figure V.26 considering Q50. Each 
of the curves for βlimEC correspond with an implicit target reliability index 
considered by the Eurocode design methodology. For large fire durations the 
curves for these different configurations are situated close to the implicit 
target value of 0.7 observed above in V.3.2.2. At the start of the fire exposure 
on the other hand βlimEC is significantly higher. However, as these values for 
very small tE can be considered to be purely theoretical and of no practical 
significance, it can be concluded that the calculated target reliability indices 
βlimEC of Figure V.26 confirm an overall target reliability index βt,fi during fire 
exposure of approximately 0.7 (considering Q50). 
 
Figure V.26: βlimEC and βfi,tE for slab type A, for different nominal axis 
distances anom, 50 year reference period for Q, indication of tR and βfi,tR. 
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V.3.2.5 Generalized methodology for determining the structural fire 
resistance tR 
The results presented in the previous section gave an explicit visualization of 
the target reliability index βlimEC implicitly incorporated in the Eurocode 
design methodology. Based on the calculated values for βlimEC the overall 
uniform target reliability index βt,fi of approximately 0.7 (Q50) observed in 
V.3.2.2 was confirmed. However, the calculated curves for βlimEC furthermore 
greatly expand the application range of the results: they allow an explicit 
evaluation of the structural fire resistance time tR for elements which are not 
fully loaded (i.e. MEd < MRd for normal design conditions, contrary to the 
basic assumption of Chapter III), and consequently, the curves for βlimEC give 
an immediate visualization of βfi,tE=tR obtained for these not fully loaded 
elements. More importantly, given the additional assumption that the 
Eurocode design methodology refers to a standard configuration with 
‘normal’ uncertainty for the basic variables, βlimEC can be used for a direct 
evaluation of tR for situation where for example the standard deviation for the 
concrete cover σc equals 10 mm or 2 mm instead of the standard value of 5 
mm. This means that the curves for βlimEC allow for an explicit evaluation of 
tR in full accordance with the calculation rules of EN 1992-1-2, even without 
necessitating the imposition of a uniform target reliability index (i.e. without 
requiring the assumption of βt,fi,5 = 1.35 or βt,fi,50 = 0.7 as applied in Figure 
V.23 for evaluating tR in case of alternative values for σc). 
First, the application of βlimEC for not fully loaded slabs is illustrated in Figure 
V.27. For slab type A, MRd = 50.88 kNm, Considering MGk = 21 kNm, the 
maximum allowable MQk in accordance with the Eurocode design 
methodology is 17.86 kNm (situation 1). However, if only for example MQk = 
10 kNm is imposed (situation 2), the structural fire resistance time tR is larger 
in accordance with the calculation methodology of EN 1992-1-2, i.e. tR = 193 
min in case of MQk = 17.86 kNm, and tR =  214 min in case of MQk = 10 kNm. 
For both situations the reliability index βfi,tE=tR can be calculated using the 
calculation tools developed for Chapter III. Results are visualized in Figure 
V.27. However, when calculation βlimEC corresponding with χ = 0.46 
(situation 1) and χ = 0.32 (situation 2), it is clear that the intersection of βfi,tE 
and βlimEC again defines the structural fire resistance time tR and the 
associated reliability index βfi,tE=tR. While this is a straightforward 
mathematical consequence of the definition of βlimEC considering equation 
(V.13), βlimEC is found to be a very valuable concept for evaluating structural 
fire safety during fire exposure as it directly evaluates βfi,tE=tR for any possible 
load imposed on the structural element, irrespective of the question whether 
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the total load bearing capacity is mobilized in normal design situations or not, 
as illustrated by Figure V.27. 
As a further point of interest it should be noted that in cases which do not 
correspond with the basic assumption MEd = MRd, the design value of the load 
effect will necessarily be smaller, i.e. MEd < MRd, since otherwise the basic 
strength requirement for normal design situations is not fulfilled. Although 
the methodology governing the calculation of βlimEC is indifferent to these 
considerations, it does mean that for all technically acceptable situations tR 
will be equal to or larger than the value indicated in all graphs above (i.e. 
considering MEd = MRd). Consequently, the curves for βlimEC have only 
practical meaning for tE > tR indicated in for example Figure V.26. This 
consideration strengthens the case for the observed general uniform target 
reliability index with a value of 0.7 as the higher values for βlimEC in Figure 
V.26 for small tE are without any practical meaning.  
A second generalization of the Eurocode design methodology which can be 
obtained through βlimEC is the definition of tR for situations with an increased 
(or reduced) uncertainty with respect to basic parameters. Whereas in Figure 
V.23 the structural fire resistance time tR for situations with an exceptionally 
large or exceptionally small standard deviation for the concrete cover σc has 
been determined based on an assumption for the target reliability index βt,fi, 
the explicit target reliability curves βlimEC allow for a direct mathematical 
evaluation without necessitating an assumption with respect to βt,fi (as this 
may be easily scrutinized as being an unacceptable extension to the Eurocode 
design methodology). To this end a single assumption has to be made: as the 
Eurocode design methodology does not explicitly consider the uncertainty 
associated with basic variables, it can be considered that the Eurocodes have 
been composed considering standard values for these uncertainties. 
Consequently, βlimEC is associated with a given set of nominal values for the 
basic variables, and is calculated considering normal values for the associated 
uncertainties. In case of poor quality control (or larger measurement 
uncertainties) the standard deviation of basic variables (as for example the 
concrete cover) may be larger than what can be considered to be a standard 
value. Similarly, in case of improved quality control (or lower measurement 
uncertainties) the standard deviations may be reduced compared to the 
standard values. However, neither a poor quality control nor an improved 
quality control has any influence on the Eurocode design methodology or on 
the nominal values for the design variables, and therefore the curve βlimEC 
representing the limiting target reliability index is the same for all these 
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situations. In combination with the methodology of Chapter III and 
considering equation (V.14), tR is defined by the intersection of βfi,tE 
(calculated considering adjusted values for the uncertainty) and βlimEC 
(calculated considering standard values for the uncertainty). As an example 
application Figure V.28 visualizes results for the same situation as Figure 
V.23, i.e. the structural fire resistance time tR for slab type A considering 
different values for the standard deviation for the concrete cover σc resulting 
from poor or improved quality control. 
As discussed earlier, the traditional Eurocode design methodology does not 
take into account the effect of an increased or reduced uncertainty for basic 
variables and consequently a single value of tR, but different values for βfi,tE=tR 
are obtained for all considered situations (traditional EN 1992-1-2 in Figure 
V.28). This result is not desirable from the perspective of structural safety. 
Therefore, the generalized methodology considering βlimEC gives an elegant 
solution: while maintaining full agreement with the Eurocode design 
methodology, the difference in βfi,tE=tR is largely transformed in a difference 
for tR (generalized EN 1992-1-2 in Figure V.28) as was also observed when 
applying a single target value βt,fi in Figure V.23. 
 
Figure V.27: βlimEC and βfi,tE for slab type A, considering MRd = MEd and MRd 
> MEd, 50 year reference period for Q, indication of tR and βfi,tR. Indicates a 
more generalized application of βlimEC. 
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Figure V.28: βlimEC and βfi,tE for slab type A, considering different σc, 50 year 
reference period for Q, indication of tR and βfi,tR both according to the 
traditional and the generalized EN 1992-1-2 methodology (χ = 0.5). 
V.3.2.6 Limit reliability index for defining tR in a performance-based 
design methodology 
In the absence of prescribed design targets, equivalency with current 
prescriptive design rules is often used as a requirement to assess the 
acceptability of an alternative performance-based design. From this respect 
an alternative definition of the fire resistance time may be beneficial. For 
example a limit value for the reliability index could be used, defining the fire 
resistance time tR through: 
, limit                     for fi tE E Rt tβ β≥ ≤  (V.15) 
 
The limit value βlimit can be proposed through calibration, e.g. based on the 
aforementioned analysis of observed and calculated target reliability indices 
according to the EN 1992-1-2 design methodology, or taking into account 
equations (V.4) and (V.5) of the natural fire safety concept described earlier. 
However, defining βlimit as the target reliability βt,fi determined through the 
natural fire safety concept in case of a structure with low fire ignition 
frequency and an active sprinkler-system may result in a situation in which 
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βlimit is negative (or even undefined) and an immediate collapse of the 
structure in case of a fully-developed fire is considered acceptable since the 
probability of a fully developed fire is sufficiently low. This is at odds with a 
number of practical, ethical and legal considerations as discussed in section 
V.4. 
βlimit could also be based on societal considerations with respect to the 
required level of safety given the occurrence of a fully developed-fire, while 
at the same time explicitly taking into account the possibility of over- or 
underinvestment in specific situations due to a low or high probability of fire 
exposure. To this end a general methodology has been developed which is 
presented further in Chapter VI. 
Here the structural fire resistance time tR resulting from equation (V.15) is 
visualized in Figure V.29 (Q5) and Figure V.30 (Q50) as a function of the 
nominal axis distance a (a = c + Ø/2, σc = 5 mm) for slab type A, and 
considering different values for βlimit. As discussed in the parameter study of 
Chapter III, only the concrete cover c has a strong influence on the obtained 
reliability index βfi,tE, and consequently the results in the graphs below are as 
well applicable to slabs with for example a different characteristic concrete 
compressive strength or reinforcement ratio. The fire resistance time tR as 
defined by the current design methodology of EN 1992-1-2 is visualized by 
the red curve. 
According to Figure V.30, the reliability level at the fire resistance time 
defined by EN 1992-1-2 evolves from a value of approximately 0.5 for an 
axis distance a of 20 mm to a value close to 1 for an axis distance of 50 mm. 
This is consistent with the results discussed in V.3.2.2 and illustrates how for 
the current Eurocode design methodology the reliability level at the fire 
resistance time is a function of the concrete cover, i.e. designs with a larger 
concrete cover are found to have a lower acceptable probability of failure 
prior to their nominal fire resistance time. Furthermore, as illustrated by 
Figure V.29, the reliability index associated with the current Eurocode design 
methodology has a larger range when considering Q5. Again, the lowest 
obtained reliability index is found for small a, while a larger reliability index 
is associated with large a. 
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Figure V.29: Fire resistance time tR for different values of βlimit, considering 
equation (V.15); fire resistance tR according to EN 1992-1-2 (advanced 
calculation method). Results for Q5 (χ = 0.5). 
 
Figure V.30: Fire resistance time tR for different values of βlimit, considering 
equation (V.15); fire resistance tR according to EN 1992-1-2 (advanced 
calculation method). Results for Q50 (χ = 0.5). 
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V.3.3. Implicit fire ignition frequencies according to EN 1992-1-2 
It is very difficult to evaluate the appropriateness of the safety level obtained 
by the Eurocode design method without having any reference for 
comparison. The target reliability indices obtained by the natural fire safety 
concept (NFSC) could theoretically be used for comparison. But as discussed 
earlier, βt,fi according to NFSC has a very large range of possible values, 
depending on the presence of a sprinkler system and other active firefighting 
measures. However, the reliabilities calculated in the previous section can be 
used to determine a lower bound of the fire ignition frequencies implicitly 
assumed by the Eurocode. When comparing these lower bounds for the 
ignition frequency with ignition frequencies given in literature, a first 
indication of the appropriateness of the design format can be made. 
The calculation of the implicit fire ignition frequencies is based on the basic 
formulas of the natural fire safety concept. Considering MRd = MEd the 
obtained reliability index βfi,tE=tR has been evaluated above, and has been 
interpreted as a target reliability index inherently required by the Eurocode 
design methodology of EN 1992-1-2. Consequently, considering equation 

















It can be argued that a fully developed fire does not necessarily resemble the 
ISO 834 fire curve and that the reliability during fire βfi,tE=tR is consequently 
too conservative. However, as the fire design of EN 1992-1-2 is based on the 
ISO 834 standard fire curve, the most general assumption is to assume that 
the structure is loaded by the standard fire up to its fire resistance time. All 
other assumptions are case specific and do not allow to evaluate the design 
format of EN 1992-1-2 unambiguously. Furthermore, it should be assumed 
that societal and legal requirements refer to a desired safety level βfi,tE=tR 
given the occurrence of a standard fire. Therefore, the relatively low values 
of βfi,tE=tR compared to some calculated target reliability indices βt,fi of the 
natural fire safety concept can be related to the inherently conservative 
assumption of the standard fire exposure. 
The reference period for which (V.16) is evaluated should be consistent for 
all values in its calculation. The target reliability index βt,EN1990 is explicitly 
given in EN 1990 (CEN, 2002a) and can easily be recalculated to a different 
reference period through equation (V.6). Furthermore, the probability of 
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exposure to a fully developed fire can be recalculated easily as well, 
considering equation (V.17), when assuming the yearly probabilities of a 
fully developed fire to be uncorrelated. The most difficult calculation refers 
to βfi,tE=tR, and therefore it is most practical to calculate (V.16) considering the 
reference period for βfi,tE=tR and to recalculate the obtained value for pfi 
subsequently to a one year reference period. 
( ), ,11 1 treffi tref fip p= − −  (V.17) 
 
Results are given in Table V.5, considering Q50. The annual fire ignition 
frequency λig has been calculated considering a probability of successful fire 
suppression psup of 0.9. The obtained implicit fire ignition frequencies can be 
compared with the literature data presented earlier in Table V.1.  
Table V.5: Nominal axis distance a, structural fire resistance time tR 
(advanced calculation method EN 1992-1-2), associated reliability index 
βfi,tE=tR, and annual fire ignition frequency λig. 
a [mm] tR [min] βfi,tE=tR [-] λig [1/year] 
20 82 0.52 4.81·10-5 
25 106 0.59 5.21·10-5 
30 134 0.65 5.62·10-5 
35 164 0.71 6.05·10-5 
40 196 0.76 6.49·10-5 
45 231 0.81 6.95·10-5 
50 268 0.86 7.40·10-5 
55 307 0.90 7.86·10-5 
 
The frequencies presented in Table V.5 associated with the advanced 
calculation method are significantly smaller than real life ignition frequencies 
of Table V.1. As the results presented in Table V.5 should be considered as 
lower bound values, no definitive conclusion can be made based on these 
results. However, the difference with real life frequencies amounts to 
multiple orders of magnitude. Alternatively, implicit fire ignition frequencies 
can be associated with the tabulated data of EN 1992-1-2 (i.e. the implicit 
target reliability indices βfi,tE=R of section V.3.2.3). Results are given in Table 
V.6. These fire ignition frequencies which can be associated to the tabulated 
fire resistance times in EN 1992-1-2 correspond much better with the 
empirical ignition frequencies found in literature. As mentioned earlier, the 
ISO 834 standard fire curve used in EN 1992-1-2 is generally considered 
more severe than most natural fires, and therefore the ignition frequencies 
given in Table V.5 and Table V.6 can be considered as a lower bound of the 
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real-life ignition frequencies. Consequently, the tabulated data can be 
considered conservative (especially for the larger fire durations R) as the 
lower bound ignition frequencies associated with the tabulated data of EN 
1992-1-2 are larger than real-life ignition frequencies. 
Table V.6: Nominal axis distance a, fire resistance time R (table method EN 
1992-1-2), associated reliability index βfi,tE=R, and annual fire ignition 
frequency λig. (Q50) 
a [mm] R [min] βfi,tE=R [-] λig [1/year] 
20 60 1.46 2.00·10-4 
30 90 2.20 1.04·10-3 
40 120 2.99 1.05·10-2 
55 180 3.47 6.47·10-2 
 
V.4. Critical notes 
As mentioned above, using natural fires for structural fire safety engineering 
can potentially result in more rational designs. Although traditional 
prescriptive design rules may prescribe identical fire resistance for a library 
and an office building, natural fires take into account the available fire load, 
the floor area and the ventilation characteristics of the fire compartment. 
However, at the same time a performance based design concept introduces a 
lot of uncertainty and may potentially result in unacceptable situations from a 
safety perspective. Considering for example the target reliability index 
according to the natural fire safety concept (NFSC), the probability of 
successful fire suppression by the users and by the fire department are both 
important parameters which strongly influence the obtained value for βt,fi, but 
cannot be assessed with certainty. Furthermore, as indirectly discussed by 
Hokstad et al. (2003) a certain level of subjectivity exists with respect to the 
probabilities considered in the design, and therefore results can possibly be 
shifted significantly by the assumptions made. This relates closely to the 
point made in (Ditlevsen & Madsen, 1996) that reliability targets can in 
principle not be considered as independent from the probabilistic models 
considered for the basic variables. This point has been considered in the 
discussions above by noting that the Eurocode design format should be 
assumed to correspond with default or ‘standard’ values for the uncertainty of 
the input variables (as for example the concrete cover). 
While the basic reasoning behind the NFSC is praiseworthy in both its 
rationality and simplicity, it does seem that an unbounded application of this 
concept makes the structure more vulnerable in case of both unexpected 
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situations and in case of deviations from the values of basic parameters 
assumed for the design (including for example situations where the function 
of the building changes). Whereas the NFSC explicitly states that taking into 
account active fire protection measures may potentially reduce the costs for 
passive fire protection to zero (Commission, 2002), Taleb convincingly 
argues in his books ‘the Black Swan’ (Taleb, 2007) and ‘Antifragile’ (Taleb, 
2012) that a robust passive system which is capable of absorbing unexpected 
exposures thanks to its intrinsic safety is ethically preferable to a fragile 
system which depends on the proper functioning of active safety measures. 
The question should be asked whether it is acceptable for a structure to fail 
(quickly) in case of fire exposure if the measures of active fire protection fail. 
The answer to this question necessarily takes into account the consequences 
of the structural failure. If the consequences are disproportional to the initial 
event (for example in case of minor fire exposure in a high-rise building and 
multiple human casualties in case of early structural collapse), the absence of 
passive fire protection cannot be considered acceptable, irrespective of the 
probability of failure of the measures of active fire protection. On the other 
hand, if the consequences of an early structural failure are small, as can be 
reasonably expected for a one-story storage facility of low value goods with 
low human occupancy, the absence of passive fire protection can be 
considered reasonable. 
The point above seems to be related to the discussion between traditional 
cost-optimization on the one hand, and minimax regret strategies on the other 
hand, see e.g. (Anderson et al., 2013). Whereas a true cost-optimization is 
clearly the most rational solution when considering a capacity to absorb 
failures and an infinite number of trials – with ‘trails’ referring to renewals 
for a single situation, as well as to large numbers of similar situations when 
considering for example a large portfolio with very similar structures –, the 
cost-optimization strategy should be combined with an initial minimax regret 
evaluation to determine if there are (design) options which are not acceptable 
because a) the consequences of a failure cannot be absorbed (irrespective of 
their low probability of occurrence), or b) only a limited number of ‘trials’ is 
considered. Referring to situations of fire exposure it is mathematically clear 
that buying fire insurance is not economically optimal for situations with 
both a large number of trials and the capacity to absorb one or multiple 
burned out buildings. Therefore, some retailers prefer to retain the fire risk 
and do not buy external property fire insurance (Belgian fire department, 
personal communication, 2011). Private persons on the other hand are 
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strongly advised to consider fire insurance as their home constitutes a large 
portion of their savings and a fire can potentially ruin them. 
As an intermediate conclusion it is proposed that calculated target reliability 
indices βt,fi (determined through the NFSC or any other means), should be 
checked with a minimum value, i.e. a maximum value should be considered 
for the failure probability conditional on the occurrence of a fully developed 
fire, irrespective of the probability of occurrence of this fully developed fire. 
A similar conclusion has been made by the UK Health and Safety 
Commission (HSC) with respect to safety in the offshore industry: whereas 
the HSC in principle favors meeting risk targets rather than prescriptive 
requirements, the statement by the British offshore industry that they did not 
need any rescue capacity for “man overboard” considering they already met 
their risk target was not accepted by the Health and Safety Commission 
(Nathwani et al, 1997). As concluded by Nathwani et al. (1997), the person in 
question must have a good chance of survival, irrespective of the low 
probability of the accident. You cannot stand by, watch him drown, and tell 
the world that this was a remote incident. 
Some authors come to similar conclusions based on the cautionary and 
precautionary principles: in case of a lack of scientific certainty with respect 
to consequences or basic assumptions, measures should be implemented to 
avoid or mitigate failures (Aven, 2007). For example Hokstad et al. (2003) 
state that for these situations the calculated or prescribed risk targets should 
be combined with the As Low As Reasonably Practicable (ALARP) 
methodology. Referring to the situation of structural fire safety this again 
implies that a very small investment in basic passive fire protection should 
not be avoided, based on the assumption that this is not necessary considering 
a low (calculated) probability of fire exposure. 
Furthermore, based on (Aven, 2007) it can be pointed out that the NFSC does 
not adequately take into account the possible consequences of the improbable 
fire exposure. Considering equation (V.5) it could be argued that the 
consequences are considered through the target reliability index for normal 
design conditions βt,EN1990, but this is not necessarily true. Whereas failure in 
normal design conditions would (generally) manifest itself by a yielding of 
the reinforcement and excessive displacements, the continual loss of strength 
in case of fire exposure could more easily result in failure corresponding with 
an actual structural collapse. Consequently, the NFSC is at least partially 
blind to the severity of the consequences and therefore, cannot be considered 
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as necessarily resulting in an economic optimum investment in (passive) fire 
safety. 
Although it should be stressed that using probability, risk, and statistics in a 
legal context is difficult at best, see for example some detailed and interesting 
discussions in (Millert, 2009), more and more cases are observed where an 
increase of risk has been compensated through legal action, referring 
especially to a number of asbestos cases, as for example (Fairchild vs. 
Glenhave Funeral Services Ltd). Furthermore, it is interesting to note that for 
example in the German jurisprudence, it is explicitly stated that the severity 
of the consequences should be taken into account when considering the 
acceptability of a risk exposure (Risch, 2001). 
When considering the legal validity of possibly zero investment in passive 
fire protection, a number of interesting well-known cases seem relevant for 
the discussion. A first well-known example case refers to the Ford Pinto 
(Grimshaw vs. Ford Motor Company). There was a defect in the Ford Pinto 
design as even low-speed rear collisions could potentially result in a rupture 
of the fuel tank and subsequent burning of the vehicle. The Ford Motor 
company was aware of this issue, but based on a cost-benefit analysis 
decided that the cost of making improvements to the vehicle (order of 
magnitude 20$ per vehicle), was too high in comparison with the 
compensatory damages associated with the expected number of fatalities. 
During the public discussions the idea of shunning basic investments as the 
expected number of failures was considered adequately low was not accepted 
and Ford had to pay severe punitive damages (128 million $), far exceeding 
the expected costs they had calculated (Proske et al., 2008). As argued by the 
California Court of Appeal: “Ford could have corrected the hazardous design 
defects at minimal cost but decided to defer correction of the shortcomings 
by engaging in a cost-benefit analysis balancing human lives and limbs 
against corporate profits.” (California Court of Appeal, 1987). Consequently, 
in this verdict the probabilistic analysis is directly rejected based on the 
consideration that additional corrective safety investments did not constitute 
an insurmountable cost. This relates closely to the conclusion raised already 
in 1949 in the case (Edwards vs. National Coal Board) in the United 
Kingdom, where Lord Asquith in the Court of Appeal stated that mitigation 
measures can be wavered [only] if there is a gross disproportion between the 
risk and the costs required to mitigate it. It should be noted that (Edwards vs. 
National Coal Board) is considered as the starting point of the ALARP 
principle (Proske, 2008). Recently, General Motors was discredited for 
similar motivations of an inappropriate cost-optimization as in the Ford Pinto 
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case with respect to its Cobalt car (Los Angeles Times, April 14th 2014).  
Again, it seems that public opinion requires basic investments in safety, even 
if this may be considered suboptimal from a cost-optimization perspective. 
This is closely related to the constraint to decision making analysis on Life 
Safety issues identified by Nathwani et al. (1997): on no account can risks be 
transferred to identifiable persons, only a general balancing of low-level risks 
can be accepted. Based on this constraint stated by Nathwani et al., the 
acceptability of a reduction in structural fire safety which by its very nature 
results in an overall gain by transferring risks to the occupants should be 
evaluated with scrutiny. As such, reducing safety levels for structural fire 
safety does seem acceptable if this reduction in structural fire safety is 
accepted on a general basis by the authority having jurisdiction (i.e. as part of 
an (implicit) rebalancing of risks across society), but may be confronted by a 
negative judicial evaluation when the motivation is made on an individual 
basis. 
More generally, at first glance there seems to be legal acceptance of the 
argument of acceptable risk thresholds associated with a very low probability 
of occurrence, referring for example to the maxim “De minimis non curat 
lex” (i.e. the law does not concern itself with trifles). However, the German 
constitutional court for example refers on this topic to “the limits of what can 
be predicted”, and “the limits of human reasoning” (Risch, 2003), and in 
general no mathematical values for limiting probabilities are given. There are 
however exceptions as for example a threshold value of 10-7 indicated by the 
Münster administrative appeals tribunal in 1975 related to the issue of 
nuclear safety (Proske, 2008). 
The considerations above can be summarized as follows: whereas an initial 
evaluation may indicate that some safety investments can be omitted as being 
redundant or associated with a remote event, this conclusion may not 
correspond with societal consensus. Consequently, if the remote event 
materializes, the societal consensus will be enforced by the legal system by 
awarding compensatory damages, shifting the initial cost-benefit analysis to 
favor the safety investments. 
To Proske et al. (2008) this controversy can be related to the concept of trust. 
When applying ‘rational’ safety targets and optimizations procedures which 
remove ‘suboptimal safety investments’ public trust may be lost. On the 
contrary, often ‘irrational’ safety measures can be used to build trust, which 
according to Proske et al. is the main reason for having lifejackets in 
airplanes, arguing that the probability of a safe landing on water can be 
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considered as a remote event. Nevertheless as the successful emergency 
landing of US-Airways flight 1549 on the Hudson river in January 2009 has 
illustrated, even remote events tend to occur given a large number of ‘trials’. 
Applying this consideration to the total office floor space of approximately 
1.43·109 m² in the EU27+Norway+Swiss (BPIE, 2011), a division in 
sprinklered compartments of 200 m² in accordance with the second set of 
assumptions in section V.3.1, would mathematically result in allowing 2.3 
office compartments per year to collapse due to a minor fire (as absolutely no 
passive fire protection is required). Arguably this number is quite low and 
from an economical point of view can even be considered acceptable. It is 
however questionable whether public opinion would accept this considering 
the ease with which passive fire protection measures can be implemented, 
especially for concrete buildings. Recapitulating the above, one cannot 
simply state after a fire-induced collapse that the collapse was an acceptable 
one and hope that people maintain their trust in the safety of buildings. 
As a final argument, a personal experience comes to mind. In 2011 a fire 
safety review was made of a recently built multifunctional building in the 
Ghent area. The team consisted of professional firefighters, fire safety 
professionals, and myself. Although the goal was purely academic, a number 
of interesting observations were made. A very significant observation was 
obtained through communication with the personnel in the local restaurant. 
They reported approximately one fire ignition in their industrial kitchen every 
two months, bringing the fire ignition frequency of the building significantly 
above what any designer could possibly have expected based on literature 
data. These fire ignitions were located at the industrial frying apparatus. As 
this was a priori considered by the designers as a potential source of fire, a 
fixed fire suppression installation had been installed, which could be 
activated by a manual lever and would suppress a newly ignited fire by 
spraying foam. Clearly, thanks to this fixed installation a designer could in 
principle assume a large probability of successful fire suppression. The local 
staff however informed us they had never used the installation and did not 
intend to use it in the future as the activation of the installation would halt the 
operation of the kitchen for a significant time and cleaning up the foam 
would be a lot of work. Up to now they had managed to control all fire 
ignitions with standard fire blankets. It is questionable whether the foam will 
be as successful in controlling a more developed fire after attempts with fire 
blankets have failed, clearly reducing the probability of successful fire 
suppression to less optimistic values. A second very relevant observation was 
the unavailability of water. Due to construction works in the vicinity of the 
building, there was incidentally at the time of one of our on-site visits no 
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water supply on campus, nor in the entire street bordering the campus. 
Clearly, this unavailability of water significantly reduced the prospects of 
successful fire suppression at that time. A third observation relates to the very 
common sight of blocked fire doors. As in many buildings fire doors which 
are not open in normal conditions (and close automatically in case of a fire 
alarm) are blocked by the occupants to ease their movement in the building. 
This however significantly increases the compartment area and consequently 
both the fire ignition frequency (when considering for example Table V.2), 
and the total fire load in the compartment. Again, it is very probable that a 
designer who applies the NFSC will base his calculations on an idealized 
situation where all compartments are perfectly functioning. A final note 
refers to the actual layout of the building. According to the firemen in the 
team the local fire brigade probably had not agreed with the final layout of 
the building as built, i.e. it seemed that changes had been made to the design 
after the approval by the fire department. This last observation was no more 
than a presumption, but does however emphasize that also a designer cannot 
know whether all of his designs will be implemented as intended. If 
therefore, the safety of the system depends on a chain of active measures 
(fragile), and has no intrinsic passive safety, the overall safety target will 
often not be reached. All the observations in this paragraph relate to the 
common statement that most structural failures are due to human error 
(Matoussek & Schneider, 1976). Therefore, specifically for structural fire 
safety it seems appropriate always to consider a basic level of passive fire 
protection. 
As a conclusion, it seems reasonable to require a basic safety level βt,fi, 
irrespective of the probability of a fully developed fire. This basic safety 
level should be considered as a lower bound of the target safety level which 
can be determined based on the natural fire safety concept (NFSC), or any 
other means. This minimum value for the target reliability index can be 
determined by standardization committees based on expertise, experience, 
economic considerations and for example the LQI methodology, see 
(Rackwitz, 2002), but in order to obtain societal acceptability there should be 
the option to consider political and societal preferences as well. A decision 
support tool which allows to combine engineering optimization with political 
preferences and can be applied for this type of problem is presented in 
Chapter VI. 
Specifically for concrete structures the minimum safety level βt,fi will be 
fulfilled in all normal situations with a minimal concrete cover (based on 
standard 20°C durability requirements) and traditional steel reinforcement. 
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The discussion is however important when referring to innovative design 
solutions where potentially external FRP reinforcement with a very low 
resistance to elevated temperatures would be used, or to any other design 
where the intrinsic basic fire resistance of concrete structures can no longer 
simply be assumed. Referring to the implicit target reliability index 
incorporated in the advanced calculation method of EN 1992-1-2 (see 
V.3.2.2), a minimum target reliability of 0.7 can be considered reasonable 
(when considering Q50). Possibly, this target reliability index can be coupled 
with a specific natural fire duration tE dependent on the building size and 
height, i.e. if the active fire protection measures fail and the improbable fully 
developed fire does materialize, the reliability index for the structure should 
not drop below 0.7 up to tE minutes, allowing a safe evacuation of occupants 
and giving adequate time to firefighters for rescue operations. 
Considering the discussions above, it is most strongly emphasized that the 
necessity and appropriateness of active fire safety measures for the life safety 
of the occupants is in no way questioned. Furthermore, the discussion above 
does not argue that active fire safety measures should not be considered when 
assessing the structural safety of a building. The point which is stressed 
above through a multitude of direct and indirect arguments is that a minimum 
level of passive fire safety should in principle be present, irrespective of the 
level and reliability of active fire safety measures. 
V.5. Conclusions 
Structural fire safety is increasingly assessed from the perspective of 
performance-based design, taking into account the ‘true’ fire risk in the 
compartment (i.e. fire ignition frequency, fire load, active fire safety 
measures…). It is however unclear how this kind of parametric fire exposure 
can be related to the current prescriptive design rules which consider the ISO 
834 standard fire. To this end the reliability of concrete slabs has been 
evaluated during exposure to the EN 1992-1-2 parametric fire exposure and a 
reliability-based equivalent standard fire exposure has been determined. 
Comparing these equivalency results with the current equivalency formula of 
EN 1992-1-2 indicates that the current calculations underestimate the severity 
of the natural fire. Therefore, a correction factor for the current Eurocode 
equivalency formula has been proposed which on average cancels this 
underestimation. 
In order to develop a true performance-based methodology, target reliability 
indices have to be determined which allow an unambiguous assessment of 
the acceptability of any design. While for normal design situations target 
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reliability indices are given in EN 1990 (CEN, 2002a), no such values are 
given for the fire situation. Firstly, the target reliability index according the 
natural fire safety concept (NFSC) is introduced. While the concept should be 
lauded for both its rationality and simplicity, it has the inconvenient side-
effect that the obtained value for the target reliability index can be negative. 
This means that if the probability of fire exposure is adequately low the 
NFSC considers no requirement for passive fire safety (or more precisely: 
accepts a probability of failure of the passive fire protection above 50% and 
sometimes even approaching unity). Secondly, considering the Eurocode 
design methodology and the reliability calculations of Chapter III, the target 
reliability index implicitly assumed by the Eurocode methodology has been 
calculated. When considering a 5-year reference period for the imposed load, 
a target reliability index βt,fi of approximately 1.35 was observed. When 
considering a 50-year reference period (Q50), βt,fi was found to be 
approximately 0.7. 
Furthermore, the appropriateness of the current Eurocode design 
methodology has been evaluated by calculating the lower bound for the 
implicitly assumed fire ignition frequency and comparing these results with 
actual fire ignition frequencies found in literature. Based on this comparison 
it is clear that the advanced design methodology of EN 1992-1-2 is less 
conservative, whereas the tabulated data can clearly be considered to be 
conservative. 
Finally, in a short discussion section arguments are given for the need to 
compare the target reliability index obtained through the natural fire safety 
concept (NFSC) with a predetermined minimum value. It is stressed that both 
the methodology and the reasoning of the NFSC are considered to be truly 
recommendable, only the possibility of zero passive fire protection is 
questioned. Based on the discussion, at least a minimum level of investment 
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VI.1. Introduction 
In Chapter III the safety level of concrete elements during fire exposure has 
been investigated for fire exposure according to a standard fire, while in 
Chapter IV a reliability-based methodology was introduced for post-fire 
assessment. Chapter V focused on natural fires, target reliability indices for 
fire safety design, and the implicit safety assumptions of EN 1992-1-2. 
However, these fundamental chapters do not answer the question of how 
much should be invested in structural fire safety. What is a reasonable 
investment in structural fire safety considering its low probability of 
occurrence? Up to which point does the benefit of additional safety 
investments outweigh the associated costs? And, most importantly, for real-
life decision making where psychological aspects as risk perception, risk 
aversion and availability effects inevitably play an important role, what are 
the bounds to the discretionary competence of the decision maker? Is it 
possible to define a lower limit and an upper limit to the range of acceptable 
levels of investment in structural fire safety? 
These questions are treated in this final core chapter. First the concept of 
lifetime cost-optimization for structural fire safety is established, defining a 
theoretical optimum level of investment in structural fire safety. 
Subsequently, the concepts of lifetime cost-optimization are implemented in 
a decision-support tool which gives decision makers a clear view on the 
limits of acceptability for their final decision. Furthermore, the proposed 
decision-support tool externalizes the basic assumptions of the decision-
making process and should allow for a more clear discussion with 
stakeholders. 
Both the concept of lifetime cost-optimization and the decision support tool 
are illustrated by calculation examples considering the (optimum) investment 
in the concrete cover, as the concrete cover has been established in Chapter 
III as an important parameter for structural fire safety design, and increasing 
the concrete cover can be considered as a cost-effective method for 
increasing structural fire safety. 
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VI.2. Lifetime cost-optimization for structural fire 
safety 
VI.2.1. Lifetime cost-optimization of systems subjected to 
accidental loading 
VI.2.1.1 Introducing the basic concepts and formulas 
As introduced in Chapter I, the basic concept for the lifetime cost-
optimization of structural systems consists of maximizing the utility function 
Y: 
 
( ) ( ) ( ) ( )Y p B p C p D p= − −  (VI.1) 
 
with B(p) the utility derived from the structure’s existence, C(p) the initial 
cost of construction, D(p) the costs due to (partial) failure and p the vector of 
design parameters pi considered for optimization. 
 
The benefit function B(p) is related to a benefit rate b, which can be assumed 
constant and independent of the occurrence of failures as in (Rackwitz, 
2001). If the reconstruction time is not neglected, an additional factor should 
be included as in (Rackwitz et al., 2005) and (Graubner et al., 2007). In case 
of systematic replacement after failure and if the reconstruction time is small 
compared to the time between failures, B(p) can be written as (Rackwitz, 
2000): 
 
( ) ( )
0





with γ the continuous discount rate and t the time in years. 
 
The introduction of the discount rate γ is necessary for the appreciation of 
future costs and benefits: while the structure may fail in the future, the design 
optimization is performed now and all future costs should be discounted. 
When an annual interest rate γ’ is given, γ can be calculated from (Rackwitz, 
2002): 
 
( )ln 1 'γ γ= +
 (VI.3) 
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The construction cost C(p) is considered to be constituted of an initial cost C0 
independent of p, and a cost C1 which is a function of the design vector p: 
 
( ) ( ) ( )( )0 1 0 1C p C C p C pε= + = +  (VI.4) 
with ε(p) the ratio of the additional costs to the basic cost. 
 
The costs due to (partial) failure D(p) can be split into the costs D0(p) related 
to structural failure during normal design conditions, the costs D1(p) related 
to structural failure during accidental loading and the costs D2(p) related to 
rehabilitation of the damaged structure in case it did not fail during the 
accidental loading condition. In the remainder of this chapter a single 
accidental loading condition is considered, i.e. fire exposure, but the formulas 
given below are directly applicable for other types of accidental loading as 
for example earthquakes or collisions. 
 
The failure costs for normal design conditions can be written as (Lentz, 
2007): 
 










with fn(t,p) the probability density function describing the time to the nth 
failure during normal design conditions and C*(p) the cost due to a single 
failure. As the failure cost includes the cost of reconstruction, it is necessarily 
larger than the initial construction cost C: 
 
( ) ( ) ( )*C p C p C pξ= ≥
 (VI.6) 
with ξ the ratio of the failure cost to the initial construction cost. It is assumed 
here that the design vector p does not affect the cost ratio ξ, i.e. additional 
investments in p reduce the probability of failure, but do not significantly 
affect the size of the losses when failure occurs. 
Using Laplace transformations and the convolution theorem, (VI.5) 
simplifies to: 
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with f* the Laplace transform of the probability density function for the time 
to the first failure during normal design conditions. This function f* is 
elaborated below in section VI.2.1.2. 
 
For the costs D1 related to fire-induced failure, an equation identical to 
equation (VI.5) is proposed, with for this case fn,fi(t,p) the time to the nth fully-
developed fire, Pf,fi(p) the probability of failure during a fully-developed fire 
and Cfi*(p) the costs associated with a single fire-induced failure: 
 
( ) ( ) ( ) ( ) ( )*1 , ,
1 0
exp ,fi f fi n fi
n






If the failure costs in case of a fire-induced failure are considered similar to 
the costs in case of failure during normal design conditions, the same failure 
cost ratio ξ can be used and D1(p) can be written as: 
 
( ) ( )( ) ( )( )
*















with ffi* the Laplace transform of the time to the first fully developed fire. 
This Laplace transform is evaluated in section VI.2.1.3. 
 
The costs D2(p) are incurred every time a fully-developed fire occurs which 
does not result in structural failure. Consequently, based on the composition 
of (VI.5), D2(p) can be written as: 
 
( ) ( ) ( )( ) ( ) ( )2 , ,
1 0
1 exp ,R f fi n fi
n
D p C p P p t f t p dtγ
∞∞
=
= − −∑ ∫
 
(VI.10) 
with Pfi,fi(p) the probability of structural failure during a fully-developed fire, 
CR(p) the expected repair cost after exposure to a fully developed fire 
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(excluding failure during fire) and fn,fi(t) the probability density function of 
the time to the nth fully-developed fire. 
 
The repair cost CR(p) can be written as: 
 
( ) ( ) ( ) ( ) ( )( )1 01RC p p C p p p Cτ τ ε= = +  (VI.11) 
with τ(p) the ratio of CR(p) to C1(p). 
 
If the structural element can be used without any repairs, then τ ≈ 0. If the 
element is significantly damaged and has to be fully demolished and 
reconstructed, τ ≈ ξ. Furthermore τ ≤ ξ given the nature of D1(p) and D2(p). 
Consequently, τ(p) can be written as: 
 
( ) ( )p r pτ ξ=
 
(VI.12) 
with r(p) the ratio of τ(p) to ξ and 0 ≤ r(p) ≤ 1. 
 
Combining (VI.10) with (VI.11) and (VI.12), and applying Laplace 
transformations and the convolution theorem gives: 
 
( ) ( )( ) ( ) ( )( ) ( )( )
*















As indicated above, the Laplace transform ffi* of the time to the first fully-
developed fire is evaluated in VI.2.1.3. 
VI.2.1.2 Time to the first structural failure during normal design 
conditions and evaluation of the costs D0 related to failure in 
normal design conditions 
Evaluating equation (VI.7) requires knowledge of the PDF of the time to the 
first structural failure during normal design conditions. As mentioned in 
Chapter III, a non-intermittent rectangular wave renewal process with an 
average time between renewals of 5 years is assumed for the imposed load. 
The magnitude of the subsequent renewals are independent and modeled by a 
Gumbel distribution with 5-year reference period. The self-weight on the 
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other hand is assumed to be constant during the lifetime of the structure, and 
is described by a normal distribution (JCSS, 2007).  
 
Consequently, the assumptions above implicitly state that the structure may 
potentially fail at every renewal, but never in between renewals, since both 
the load and the resistance have not changed since the last renewal. At every 
renewal the probability of failure is given by Pf(p) and the probability of 
survival by (1-Pf(p)). Consequently, the probability Pf,k that the kth renewal 
results in the first failure is given by: 
 









Since the time between renewals is modeled by an exponential distribution 
with renewal rate λ (= 1/5), the PDF for the time to the first structural failure 
in normal design conditions is given by an infinite sum of weighted Gamma 
distributions: 
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which can be simplified to: 
 

























The infinite sum in (VI.16) is the Taylor series of exp((1-Pf(p))λt): 
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( ) ( ) ( ) ( )( )( )( )
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with λ*(p) = Pf(p)·λ the failure rate during normal design conditions. 
 
As such the PDF of the time to the first structural failure in normal design 
conditions is given by an exponential distribution with parameter λ*, and the 
Laplace transform f* is given by: 
 






pf p t t dt
p
λγ γ λ λ
γ λ
∞
= − − =∫
+  
(VI.19) 
and D0(p) reduces to: 
 
( ) ( )( ) ( ) ( )( ) ( )*0 0 01 1 fP ppD p C p C p λλξ ε ξ εγ γ= + = +  (VI.20) 
VI.2.1.3 Time to the first fully-developed fire and evaluation of the fire-
induced failure costs D1 and D2 
The time to the first fully-developed fire that threatens structural integrity is 
an uncertain variable Tfi, dependent on the annual fire ignition rate p1 and the 
probability of successful fire suppression psup. Assuming independency of 
subsequent fire ignitions, the time between fire ignitions Tig can be modeled 
by an exponential distribution with parameter λig equal to p1: 
 
( ) ( )expTig ig igf t tλ λ= −  (VI.21) 
Consequently, the time to the kth fire ignition is modeled by a Gamma 
distribution G(k, λig) (Ang & Tang, 2007):  
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The probability that the first fire ignition results in the first fully developed 
fire equals: 
 
( ),1 sup1fiP p= −  (VI.23) 
with psup the probability of successful fire suppression, modeled in 
accordance with (V.8) as: 
 
sup 2 3 4 5(1 )p p p p p= −  (VI.24) 
with p2 the probability of failure of fire suppression by the users of the 
building, p3 the probability of failure of early suppression by the fire brigade, 
p4 the probability of failure of the sprinkler system, and p5 the probability that 
the structural element is located in the compartment engulfed by the fire. 
Considering an evaluation at the level of a single compartment (p5 = 1) for a 
building without sprinklers (p4 = 1), a common probability of fire suppression 
by the users (p2 = 0.5 according to (Albrecht & Hosser, 2010)) and a fire 
brigade intervention time of less than 15 minutes (i.e. p3 = 0.2), psup can be 
taken as 0.9. 
 
The probability that the kth fire ignition results in the first fully developed fire 
is given by: 
 
( ) 1, sup sup1 kfi kP p p −= −  (VI.25) 
Combining equations (VI.21) to (VI.25), the probability density function 
(PDF) of the time to the first fully developed fire is: 
 






















As shown above for structural failure in normal design conditions, this 
infinite sum of weighted Gamma distributions can be simplified to an 
exponential distribution. Considering equation (VI.26) this exponential 
distribution is described by a parameter λfi = (1-psup)·λig. Therefore, the PDF 
of the time to the first fully-developed fire reduces to: 
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( ) ( )
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= − − −
 
(VI.27) 
and the Laplace transform of fT,fi(t) is given by:  
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(VI.28) 
Consequently, D1(p) and D2(p) are evaluated as: 
 










VI.2.1.4 Evaluation of the optimization criterion 
Considering the derivations above of the constituents of (VI.1), the utility 
function Y(p) is given by: 
 
( ) ( )( ) ( )( ) ( )
( )( ) ( )( )
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(VI.31) 
Dropping the constant term b / γ and the constant factor C0 (since these do 
not affect the optimization), and simplifying the notation of (VI.31) by 
omitting the mentioning of p-dependency gives the following formulation for 
the utility function: 
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( ) ( ) ( )( )( )sup , ,1 1 1 1f ig f fi f fiY P p P r Pξε λ λγ − + + + − + −  ∼
 
(VI.32) 
Maximizing (VI.32) implies that the derivatives of (VI.32) with respect to the 
design parameters pi are equal to zero: 
 







∂  (VI.33) 
 
The optimum design solution is subsequently obtained by solving the 
resulting set of equations. 
VI.2.2. The parameters λig, ξ and γ in the optimization criterion 
The utility function given by (VI.32) is dependent of a number of parameters 
which do not directly depend on the design, i.e. the fire ignition rate (yearly 
ignition frequency) λig, the ratio ξ of the failure costs to the initial 
construction costs and the discount rate γ. The choice of the applicable values 
for these parameters depends on the assessment of the designer and the 
availability of case-specific information. Here, reference values are given 
based on literature data. 
VI.2.2.1 The fire ignition frequency λig 
As presented earlier in Chapter V, fire ignition frequencies can be found in 
literature, e.g. (Rahikainen and Keski-Rahkonen, 2004) for Finland, 
(Sandberg, 2004) for Sweden, and (Sleich et al., 2002) and (Fontana et al., 
1999) for Bern – Switzerland. As in Chapter V, these fire ignition frequencies 
are given in Table VI.1 (yearly fire ignition frequency) and Table VI.2 
(yearly fire ignition frequency per m²) for different occupancies. 
 
There are differences between the studies presented in Table VI.2, but all fire 
ignition frequencies are within the same order of magnitude. Therefore, for 
general calculations where no information with respect to the area of the 
structure is available, the fire ignition frequencies given in Table VI.1 can be 
used as a first approximation. 
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Table VI.1: Yearly fire ignition frequency λig for different occupancy types 
(Rahikainen and Keski-Rahkonen, 2004) 
Building type λig [1/a] 
Residential 1.6 10-3 
Commercial 4.6 10-3 
Institutional 1.3 10-2 
Office 2.5 10-3 
Assembly 2.9 10-3 
Educational 5.1 10-3 
Industrial 1.4 10-2 
 
Table VI.2: Comparison of fire ignition frequencies for different building 
types (frequency per year and per m²) 










(Sleich et al., 2002) & 
(Fontana et al., 1999) 
Residential 7.1 10-6 - 3.3 10-5 
Commercial 8.5 10-6 1.6 10-5 - 
Institutional
 
9.5 10-6 3.1 10-5 1.1 10-5 
Office 1.7 10-6 4.0 10-6 1.1 10-5 
Assembly 4.6 10-6 8.7 10-6 - 
Educational 1.1 10-5 1.2 10-5 -
 
Industrial 8.1 10-6 1.1 10-5 1.2 10-5 
 
VI.2.2.2 The ratio ξ of the failure costs to the initial construction costs 
The failure costs D0(p), D1(p) and D2(p) are composed of the costs related to 
reconstruction and external damages due to failure. The external damages 
incorporate both human casualties and indirect costs such as business 
interruptions, environmental damage and social distress from people affected 
by the failure. In case of important infrastructure (as for example energy 
production, petrochemical plants or telecommunication facilities) these 
external damages can be disproportionate to the severity of the original fire 
(Buchanan, 2000). 
 
Since there is much moral resistance to an economic evaluation of human 
life, incorporating the costs of losses to human life and limb remains a 
difficult problem. Many possible methods exist, as studied by Lentz (2007) 
and Cornell et al. (1976). The study by Cornell et al. lists the following 
methods for the valuation of human life: accounting methods, societal 
Chapter VI: Lifetime cost-optimization and decision making 263 
valuation (what society pays for safety), the insurance principle (based on the 
amount of insurance purchased for certain activities), self-valuation (what an 
individual is willing to pay), and hazardous duty pay (how worker wage is 
related to the risk of the activity). In 1997, a valuable contribution to this 
discussion has been presented by Nathwani et al. with the introduction of the 
Life Quality Index (LQI), a metric based on simple considerations with 
respect to life expectancy, ratio of time spend working and the gross 
domestic product (Nathwani et al., 1997). The LQI can be used to determine 
the feasibility of investments in safety from a societal perspective and has 
become a popular method in recent years. Starting from the LQI-concept, an 
Implied Cost of Averting a Fatality (ICAF) can be calculated. This value 
would be considered as the amount of money a society should be willing to 
pay for saving lives while taking into account the specific capabilities of the 
society and the overall health (life expectancy) of its population (Rackwitz, 
2002). There are, however, drawbacks to the application of the LQI. The 
theory (in its simplest form) assumes for example an optimization of the 
quality of life with respect to working time (Proske, 2008). 
 
However, loss of life will have only secondary influence on the structural 
optimization of equation (VI.32) as both during normal design conditions and 
during fire exposure, the structure will in general be evacuated before 
collapse occurs, e.g. in case of fire most fatalities are caused by the inhalation 
of toxic combustion gases (Babrauskas, 2008). According to a study reported 
by Ang & Lee (2001), even for the accidental load situation of earthquakes 
where timely evacuation can be considered to be more of a problem, the 
death rate associated with structural collapse of concrete structures is low. 
Specifically for fire situations, it is commonly accepted that no occupants in 
the fire compartment will survive flashover (Klaene & Sanders, 2008). Since 
fire-induced collapse is related to a fully-developed fire (i.e. post flashover), 
fire-induced collapse is not likely to result in additional fatalities in the fire 
compartment. Therefore, any casualties due to the collapse of fire-exposed 
structural members are related to the issue of progressive collapse where non-
exposed floors fail as a consequence of the failure of the fire-exposed 
members. Consequently, if the evacuation time of the non-exposed floors is 
smaller than the time to fire-induced collapse of the exposed structural 
members, the casualty rate for fire-induced collapse can be considered very 
low. Note that for this kind of comparison both the evacuation time and the 
time to structural collapse have to be determined with respect to the same 
Chapter VI: Lifetime cost-optimization and decision making 264 
reference, i.e. fire ignition and not flashover as is commonly used for the fire 
resistance time of structural members. In general loss of life due to fire-
induced structural collapse is mostly an issue for fire fighters, as discussed in 
(NIOSH, 1999). Possible exceptions to this rule are high-rise buildings and 
buildings with a large evacuation-time (i.e. homes for the elderly and 
hospitals). In these types of buildings fire-induced failure of structural 
members may result in the death of occupants who are still evacuating the 
building or who are trapped on floors above the fire, as happened for example 
in the World Trade Center fire (US Congress Committee on Science, 2005).  
 
Assessing the indirect costs associated with for example business interruption 
and social distress can be very difficult as well, but is required to determine 
the total benefits from risk mitigation measures and to determine the 
appropriate investment in safety (Kunreuther, 2001). Furthermore, if failures 
in a network system can result from a common cause, this should be taken 
into account in the calculation of the indirect costs as it may affect the 
optimal allocation of resources (Adey et al., 2004). 
 
A theoretical study of failure costs was made in (Kanda & Shah, 1997). 
Based on past experience from earthquakes and expert judgment the ratio ξ of 
the costs due to a single failure to the initial construction cost was found to be 
in the range of 2 for private houses, 7 for tall office buildings and over 2000 
for nuclear power plants. 
 
By using the cost ratio ξ for the optimization, assessing the monetary value of 
human life and indirect costs can be avoided and the calculations below 
retain their general applicability. Example applications where specific failure 
costs are assessed explicitly can be found in e.g. (Ang & Lee, 2001) and 
(Ditlevsen & Friis-Hansen, 2009) 
VI.2.2.3 The discount rate γ 
The discount rate is a very important parameter as it balances the burden 
carried by current and future generations, both with respect to monetary costs 
and life safety. Therefore, especially for structures with a very large design 
life special attention should be given to determining the appropriate discount 
rate. Considering for example a discount rate of 0.05 and a design life of 200 
years, the direct and indirect costs associated with structural failure at the end 
of the design life of the structure (i.e. 200 years from the completion) are 
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mathematically negligible in the design phase. Therefore, discount rates 
should not be considered as purely economic parameters and are on the 
contrary highly political by nature. More specifically, a differentiation of 
discount rates is necessary as a function of the design life (M. Rees, personal 
communication, June 23, 2014). 
On the other hand, a discount rate should not be chosen too small either as it 
shifts focus away from current generations in favor of future gains. More 
specifically, if the discount rate would be set to zero, investments in the life 
safety and health of future generations would completely dominate 
expenditure (Nathwani et al., 1997). This is indirectly illustrated in the 
parametric study below where a small discount rate results in larger 
investments in structural fire safety (Figure VI.9). 
In the example applications given further a discount rate of 0.02 is chosen.  
VI.2.3. Application: Optimization of the concrete cover of simply 
supported solid slabs for a given design resistance in 
normal conditions 
As shown in Chapter III the concrete cover has a very strong influence on the 
fire resistance of concrete elements. This observation is well-known and has 
been stated for example in (Zha, 2003), (Erdem, 2009) and (Choi & Shin, 
2011). Consequently, increasing the cover may be a cost-effective method to 
improve the structural performance during fire and the concrete cover c is 
therefore a logical choice for the design parameter considered in the 
optimization. This choice of design parameter is elaborated here for solid 
slabs subjected to pure bending. 
 
A fixed design value MRd of the bending moment capacity at normal design 
conditions is assumed and the optimization vector p consists solely of the 
concrete cover c. It may seem logical to consider MRd as a second 
optimization variable as well. However, the results of an optimization for 
constant MRd give valuable insight in the possibilities of the lifetime cost-
optimization for fire safety design and can be of specific interest for practical 
applications where MRd is determined based on a simple calculation of load 
paths, i.e. while MRd is determined by normal design considerations, the 
concrete cover may be optimized for fire safety. 
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In order not to complicate notations, cnom has been denoted as c in this 
chapter. 
VI.2.3.1 Derivation of the optimization criterion 
The general formulation of the utility function Y(p) is given by (VI.32). 
Considering a single optimization parameter p =  c, the optimization criterion 
(VI.33) is evaluated as: 
 
( ) ( )( )( )
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The further evaluation of variables in (VI.34) is case-specific. As an example 
the basic design of slab type A is considered, as given in Table III.1. The 
design value of the bending moment capacity MRd in normal design 
conditions is 50.9 kNm and the design thickness of the slab is fixed at 200 
mm. Compared to Table III.1 only the definitions of the concrete cover c and 
reinforcement area As1 are modified, as defined by Table VI.3 and the 
following paragraph. 
 
Table VI.3: Probabilistic models for basic variables example slab 
configuration 
Property Distribution Dimension Mean µ CoV δ 
c Beta[µ±3σ] mm cnom (σc = 5 mm) 
As1 N mm² As,nom 0.02 
 











with s the horizontal spacing of the reinforcement bars and Ø the 
reinforcement bar diameter (10 mm). The parameter s is varied as a function 
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of the concrete cover in order to maintain a constant design value for the 
bending moment capacity MRd. 
 
Furthermore, as MRd is constant, Pf is constant as well with very good 
approximation  
VI.2.3.1.1 Evaluation of  the ratio ε(c) 
As defined above, ε(c) is the ratio of additional investments C1(c) to the 
reference construction cost C0. For the specific situation under consideration, 
the additional investments are associated with the additional reinforcement 
bars necessary to compensate an increase in nominal concrete cover, since 
both the nominal thickness and the design bending moment capacity of the 












with C∆As the cost of the additional reinforcement area, a the proportionality 
constant for the reinforcement cost as a function of the reinforcement area, 
and ∆As the additional reinforcement area compared to the reference 
reinforcement area, i.e. the reinforcement area associated with the reference 
construction cost C0. 
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with a* a constant describing the cost per unit length of a single 
reinforcement bar. 
 
Considering an arbitrarily chosen reference concrete cover of 15 mm, sref is 
approximately 114 mm, and the unit width b = 1000 mm. 
 
Consequently, ε(c) and dε(c)/dc can be evaluated numerically when 
combinations {c; s} are determined which correspond to a design value MRd 
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= 50.9 kNm. However, for a limited range of applicability, an analytical 
approximation can be used which simplifies calculations and reduces 
computational requirements: considering Table III.1 and Table VI.3, Figure 
VI.1 visualizes the combinations of the concrete cover c and the horizontal 
reinforcement spacing s which are associated with the required MRd. As 
indicated in this Figure VI.1, a linear analytical approximation can be used 
with very good accuracy for the range c = [15 mm; 55 mm].  
 
Figure VI.1: Combinations {c; s} corresponding with MRd = 50.9 kNm and 
analytical linear approximation (where both c and s are given in [mm]).  
 
Using the linear approximation given in Figure VI.1, the evaluation of ε(c) 
and dε(c)/dc are given by: 
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where the reinforcement bar cost ratio κ = a* / C0 [-] has been introduced to 
simplify notations. 
VI.2.3.1.2 Evaluation of r(c) 
Similar to the assumption made by (Ang & Lee, 2001) for the repair cost 
assessment of concrete structures after an earthquake, the evaluation of the 
repair cost ratio r(c) is based on the assumption that the cost of repairs can be 
related to the loss of load bearing capacity with respect to the characteristic 
imposed load qk. Therefore, r is evaluated with respect to the ratio of the 
post-fire load bearing capacity to the prior-to-fire load bearing capacity: 









where qk,max is the maximum allowable characteristic value of the imposed 
load after fire exposure and qk,d is the characteristic value of the imposed load 
corresponding with the design value of the bending moment capacity MRd 
prior to fire. Whereas qk,d is independent of the concrete cover c (as MRd is 
invariant), the maximum allowable load qk,max(c) after fire exposure strongly 
depends on c (see V.4.1.). 
 
Taking into account that r should approach 1 when qk,max / qk,d approaches 
zero, and r should be close to 0 when qk,max / qk,d approaches 1, the following 
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 (VI.43) 
where r1 indicates a simple sinusoidal repair cost, r2 is an adaptation of the 
sinusoidal repair cost for which the repair cost increases very fast as soon as a 
reduction of qk,max / qk,d is observed and r3 is a logistic repair function with 
shape factor a. The logistic function is very flexible but has the disadvantage 
that r =1 and r = 0 are only achieved for theoretical values of qk,max / qk,d equal 
to -∞ and ∞. Consequently the shape factor a of the logistic repair function 
should be chosen with care. 
 
The investigated repair cost functions are visualized in Figure VI.2, with the 
shape factor a of the logistic function equal to 8. 
 
Figure VI.2: Repair functions r1, r2 and r3 (shape factor a = 8), indicating the 
ratio of losses in case of partial damage to the losses in case of failure during 
fire, as a function of the residual ratio of the load bearing capacity for the 
imposed load qk,max / qk,d.  
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The evaluation of the load bearing ratio qk,max / qk,d is based on the post-fire 
assessment method described in Chapter IV. A set of results are given in 
Table VI.4 for different nominal concrete covers c and ISO 834 fire 
exposures tE, where a load ratio prior to fire is assumed of χ = 0.5. 
 
Table VI.4: Post-fire load bearing ratio as a function of the ISO 834 fire 
duration tE, for different nominal concrete cover c.  
qk,max / qk,d [-] Concrete cover 
tE [min] 15 20 25 30 35 40 
30 1.00 1.00 1.00 1.00 1.00 1.00 
60 0.97 1.00 1.00 1.00 1.00 1.00 
90 0.64 0.93 1.00 1.00 1.00 1.00 
120 0.26 0.64 0.93 1.00 1.00 1.00 
150 0.10 0.32 0.67 0.94 1.00 1.00 
180 0.03 0.18 0.39 0.72 0.96 1.00 
210 0.00 0.12 0.27 0.50 0.79 0.98 
240 0.00 0.01 0.19 0.34 0.59 0.85 
 
As the post-fire assessment method gives a very good approximation of the 
target reliability index of 3.8 (see IV.4.1.), the obtained value for qk,max may 
be higher than qk,d due to the nature of the reliability-based assessment for 
slabs which have both a high concrete cover c and are exposed to a 
comparably small fire duration tE (see Figure IV.7). From a practical 
perspective this means that the structure can be used without structural 
repairs after fire exposure. For the calculation of the repair cost ratio r(c), 
qk,max = min{qk,max; qk,d} and consequently qk,max/qk,d ≤ 1 (as has been applied 
in Table VI.4). 
 
Since the computational effort for the post-fire assessment method of Chapter 
V is very small, the data underlying Table VI.4 is evaluated for ∆c = 1 mm 
and ∆tE = 5 min. For a given fire duration tE and nominal concrete cover c 
(i.e. mean concrete cover µc), these values for qk,max / qk,d allow for a direct 
evaluation of r(c) through one of the repair functions (VI.41)-(VI.43). 
Alternatively, for a given fire severity qk,max / qk,d can be approximated as a 
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linear function of c, which makes the calculations more stable and does not 
significantly affect the results. 
VI.2.3.1.3 Evaluation of Pf and dPf/dc 
The probability of failure in normal design conditions is defined by the limit 
state function III.1 and is evaluated using the procedure and probabilistic 
models described in III.2.3 (for a fire duration tE = 0 min). The derivative 
with respect to the concrete cover c is evaluated numerically. 
VI.2.3.1.4 Evaluation of Pf,fi and dPf,fi/dc 
The probability of failure during fire exposure Pf,fi and its derivative are 
evaluated using the same procedure as described above for Pf. 
 
To illustrate this behavior some results are visualized in Figure VI.3 and 
Figure VI.4 for the basic configuration of slab type A (with adjusted cnom as 
indicated in the figures, and adjusted reinforcement spacing s in order to 
maintain MRd = 50.9 kNm). The effect illustrated in Figure VI.3 is the same 
as visualized in Figure III.26 on the effect of the nominal concrete cover on 
βfi,tE (see the parameter study of section III.2.4). 
 
 
Figure VI.3: Pf,fi for different combinations {c; s} corresponding with MRd = 
50.9 kNm as a function of the ISO 834 standard fire duration tE.  
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Figure VI.4: dPf,fi/dc for different combinations {c; s} corresponding with 
MRd = 50.9 kNm as a function of the ISO 834 standard fire duration tE.  
VI.2.3.2 Influence of parameters on the optimum concrete cover 
Applying the optimum criterion of equation (VI.34) and the parameters 
derived above, the optimum concrete cover is evaluated as a function of the 
reinforcement bar cost ratio κ = a* / C0. 
VI.2.3.2.1 The repair function r(c) 
The importance of the repair function r(c) and the difference between the 
suggested relations (VI.41)-(VI.43) are studied in Figure VI.5. Here the 
optimization parameters of Table VI.5 have been considered. 
Table VI.5: Reference values for optimization parameters, considered 
representative for a normal office building. 
Property Symbol Value 
ISO 834 standard fire duration tE 120 min 
Failure cost ratio ξ
 
7 
Discount rate γ 0.02 
Fire ignition frequency λig 2.5·10-3 / year 
Probability of successful fire suppression psup 0.9 
Renewal frequency λ 0.2 / year 
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As a first important conclusion Figure VI.5 indicates the importance of 
considering the repair cost r associated with partial damage (i.e. no collapse 
during fire, but a reduced load bearing capacity post-fire). However, this 
effect only exists for large κ. This can be explained as follows: for low κ 
additional investments in structural fire safety are most beneficial, reducing 
the probability of failure during fire from a low value to an even lower value. 
However, for these configurations with low probability of failure during fire 
the residual load bearing capacity determined in accordance with Chapter V 
is equal to the load bearing capacity prior to fire. Considering the assumption 
which links repair costs to the loss of load-bearing capacity, r = 0 for these 
large concrete covers (large concrete cover relative to the fire severity). 
Therefore, no difference is observed between the different repair functions 
and even between the repair functions and the assumption of no repair cost. 
For the remainder of this chapter repair function r1 is maintained. This repair 
function changes gradually, is closely linked to the loss of load bearing 
capacity and does reach the theoretical values of 1 and 0 for qk,max / qk,d equal 
to 0 and 1 respectively.   
 
Figure VI.5: Optimum concrete cover as a function of the reinforcement cost 
ratio κ for different repair cost functions (no repair corresponding with 
neglecting the repair cost), optimization parameters as given in Table VI.5. 
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VI.2.3.2.2 The failure cost ratio ξ 
The failure cost ratio ξ relates both to direct and indirect losses. 
Consequently, some agricultural storage facilities should be considered to 
correspond with a very small ξ close to unity, while hospitals or important 
industrial facilities can be associated with very large ξ. As indicated in Figure 
VI.6, a large failure cost ratio ξ justifies considerably larger investments in 
structural fire safety. Again all optimization variables except the studied 
variable ξ are taken from Table VI.5. 
 
Figure VI.6: Optimum concrete cover as a function of the reinforcement cost 
ratio κ for different failure cost ratios ξ, other optimization parameters as 
given in Table VI.5. 
 
For ξ = 2 no reasonable optimum results exist for the smallest concrete covers 
and κ > 0.035. This is explained further, but it should be stressed that the 
practical importance of the following discussion is limited as reasonable 
values for κ are generally smaller than 10-2 and failure cost ratios are for most 
situations larger than 2. The discussion below is included in order to inform 
other researchers. 
Referring to Figure III.17 the reliability index βfi,tE drops below zero for c = 
15 mm and tE = 120 minutes. Consequently, for this situation the probability 
Chapter VI: Lifetime cost-optimization and decision making 276 
of failure Pf,fi is larger than 0.5. The theoretical optimum solutions 
corresponding with these large probabilities of failure and obtained through 
equation (VI.34) are visualized in Figure VI.6 with a red dotted curve. 
Consequently, for ξ = 2 and κ > 0.035 the most cost-effective design solution 
is to opt for the minimum concrete cover (here 15 mm), i.e. the minimum 
investment in structural fire safety, and to accept a high probability of failure 
in case of fire exposure. However, when applying the optimization criterion 
of equation (VI.34) for these κ, a local solution is obtained, visualized by the 
blue curve. This blue curve corresponds with a local minimum from the end 
of the black curve up to the deflection point, after which the obtained solution 
is a local maximum. Consequently, applying the optimization criterion 
(VI.34) for κ = 2·10-2, two theoretical solutions are found: the true optimum 
design solution with low probability of failure (diamond on the black curve, 
Pf,fi = 0.03) and an “unacceptable” local maximum with high probability of 
failure (diamond on the red curve, Pf,fi = 0.54). Where the solution on the 
black curve corresponds with large investments in safety and low costs 
related to failure, the solution on the red curve corresponds with low safety 
investments and high expected failure costs. 
As a general rule the optimization criterion (VI.34) gives the optimum design 
solution, except close to the deflection point. This deflection point 
corresponds with situations where the investments in structural fire safety are 
very high relative to the (expected) failure cost. Therefore, additional 
investments in structural fire safety cannot be balanced by a matching 
reduction in expected failure costs and the (theoretical) optimum design is to 
opt for the minimum investment (as indicated by the red dotted curve). The 
ultimate point where additional investments are balanced by a reduction in 
failure costs is situated at the deflection point (local minimum). However, 
even for this point the lowest costs are achieved by opting for minimum 
investment in structural fire safety (global minimum). As it does not seem 
justifiable to consider high failure probabilities as preferable to small failure 
probabilities because of a very small economic benefit, for the remainder of 
this chapter the optimum curves (global and local minima) are considered up 
to the deflection point. 
The issues described above are further explained through Figure VI.7 where 
the normalized total costs are visualized for ξ = 2 as a function of c for 
different κ. For κ = 0.01 only a global minimum is found, whereas for κ = 
0.025 a global minimum and a local maximum are obtained. For κ = 0.04 and 
κ = 0.05 the lowest cost is obtained for c = 15 mm, but for κ = 0.04 there also 
exists a local minimum for c = 22,5 mm. As the cost difference between the 
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global minimum (c = 15 mm) and the local minimum (c = 22,5 mm) is small 
from a practical perspective, the local minimum is nevertheless accepted as 
an optimum design solution. 
 
Figure VI.7: Normalized total cost as a function of the concrete cover for ξ = 
2 and different κ, other optimization parameters as given in Table VI.5. 
 
The considerations above relate closely to the discussion in Chapter V on the 
possibility of negative target reliability indices in the natural fire safety 
concept (NFSC). Although the calculations above indicate that a minimum 
investment in structural fire safety can indeed be the economic optimum 
solution for specific situations, it is reiterated (considering the argumentation 
in Chapter V) that a minimum investment in structural fire safety is always 
necessary. This corresponds with the imposition of a minimum value for the 
target reliability index βt,fi. 
VI.2.3.2.3 The ISO 834 standard fire duration tE 
The effect of the fire duration tE is evaluated considering the reference values 
of Table VI.5 for the other optimization parameters and the basic sinusoidal 
repair function of equation (VI.41). As expected the optimum concrete cover 
increases with tE, for a given cost ratio κ. Furthermore, the results visualized 
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in Figure VI.8 indicate that for most fire durations the optimum concrete 
cover is well determined as the κ-values corresponding with different 
(realistic) optimum results (i.e. concrete covers which are a multiple of 5 
mm) are separated by an order of magnitude, as indicated for tE = 150 min by 
the three diamonds in Figure VI.8. Note that for an ISO 834 fire duration of 
30 minutes the theoretical optimum concrete cover is smaller than 15 mm. 
 
Figure VI.8: Optimum concrete cover as a function of the reinforcement cost 
ratio κ for different ISO 834 fire durations tE, other optimization parameters 
as given in Table VI.5. Diamonds indicating realistic copt for tE = 150 min. 
VI.2.3.2.4 The discount rate γ 
The discount rate affects the results by evaluating the current cost of future 
direct and indirect losses. As discussed in VI.2.2.3 a very small discount rate 
results in a shift towards future life safety and consequently, an increase in 
safety investments. This trend is illustrated in Figure VI.9 by considering γ = 
0.001. However, for standard discount rates the effect on the optimum design 
solution is small. Therefore, the discount rate of 0.02 applied in Table VI.5 is 
considered acceptable. 
As a large discount rate corresponds with lower future costs of failure, the 
theoretical optimum design in case of very large κ corresponds with 
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minimum investments in safety, as discussed in the study on ξ above in case 
of small failure costs relative to the investment cost. In Figure VI.9 only 
reasonable optimum design solutions are visualized and the curve for γ = 0.05 
stops at the deflection point. 
 
Figure VI.9: Optimum concrete cover as a function of the reinforcement cost 
ratio κ for different discount rates γ, other optimization parameters as given in 
Table VI.5. 
VI.2.3.2.5 The fire ignition frequency λig and the probability of successful fire 
suppression psup 
The fire ignition frequency and the probability of successful fire suppression 
together govern the rate of fully developed fire exposure λ* = λig·(1-psup). The 
effect on the optimum concrete cover is illustrated in Figure VI.10. 
As expected a higher rate of fire exposure is associated with a larger 
optimum concrete cover (for given cost ratio κ). 
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Figure VI.10: Optimum concrete cover as a function of the reinforcement 
cost ratio κ and the rate of fully developed fire λ* = λig·(1-psup), other 
optimization parameters as given in Table VI.5. 
 
VI.3. Decision support tool for investments in Life 
Safety 
VI.3.1. Introduction 
Based on the lifetime cost-optimization procedure described above, optimum 
design solutions are determined which inform decision makers of optimum 
investments in structural fire safety. However, for decisions related to 
investments in societal safety and health, it is often difficult to balance the 
discretionary competence of decision-makers with calculated theoretical 
optimum levels of investment. Psychological concepts like risk perception, 
availability effects and loss aversion play an important role in the actual 
decision making process (Kahneman, 2011), threatening the consistency 
between individual decisions about risk. Therefore, as a general goal, 
decisions on public expenditures and safety regulations should be based on 
quantitative risk-based considerations, and day-to-day decisions about risk 
should be removed from the political arena (Nathwani et al., 1997). In 
practice however, a full depoliticization of day-to-day decisions is not 
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desirable, as taking away the public’s experience of control over safety issues 
would negatively affect the perception of safety, considering for example the 
different attitudes of the public with respect to voluntarily and involuntarily 
incurred risks (Sunstein, 1997). Furthermore, removing decisions about risk 
may possibly be considered to result in a democratic deficit. Consequently, a 
practically feasible decision framework should necessarily take into account 
the risk preferences of the public, while making sure that the final decisions 
do not differ too much from the theoretical depoliticized optimum. A similar 
conclusion has been raised by Sunstein (1997) with respect to the regulatory 
attitude towards voluntary risks.  
In order to tackle the difficulties described above, a decision support tool is 
presented in the next section which aims at narrowing the scope of political 
discussions and guiding decision makers towards optimum investments in 
safety, without taking away their freedom to deviate from the calculated 
optimum result. As elaborated further the tool is based on a voluntary 
commitment by the decision makers themselves, avoiding any external 
interference. 
VI.3.2. Concept of the decision support tool 
For situations considering investments in societal safety, political decisions 
are commonly made with respect to an implicit or explicit target reliability 
index βt. Due to the inherent uncertainties and deviations in the application of 
legal requirements and standards, the reliability index βSTD which is actually 
obtained by applying these standards is uncertain. Consequently, βSTD is 
described by a probability density function and is function of the target 
reliability index: βSTD = f(βt). 
On the other hand one can determine an optimum reliability index or safety 
level for specific situations, based on an optimization of investments in 
safety. This has been elaborated above using the concepts of Lifetime Cost 
Optimization (LCO), and applied specifically for investments in structural 
fire safety. More generally, LCO (or similar calculation concepts) allow to 
determine society wide optimum safety levels or optimum reliabilities for 
specific sectors or for specific applications. Due to the uncertainty inherently 
associated with the input parameters of an LCO, this optimum reliability 
index βLCO is uncertain as well and can be described by a probability density 
function. In the most simple situation βLCO will be independent of any 
specified βt. 
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As both the obtained reliability index βSTD(βt) and the theoretical optimum 
reliability index βLCO are described by a probability density function one can 
consider some different situations as depicted in Figure VI.11. As discussed 
further, the degree of overlap between βLCO and βSTD(βt,i) can be considered a 
measure of the acceptability of βt,i to be applied in standards.  
 
Figure VI.11: Probability density functions describing βLCO and βSTD(βt). The 
degree of overlap between βLCO and βSTD(βt,i) is a measure of the acceptability 
of βt,i for incorporation in standards or legal requirements with respect to the 
theoretical optimum. 
 
As illustrated in Figure VI.11, a single probability density function βLCO can 
be considered, together with different probability density functions βSTD as a 
function of βt,i. From this visualization it is clear that βt,1 is considerably 
smaller than βLCO. If βt,1 would be prescribed in the standard, the obtained 
reliability levels would be much lower than the optimum reliability levels and 
the obtained situation would correspond with a large underinvestment in 
safety. From the perspective of life safety, this situation is clearly 
unacceptable. The distribution of βSTD corresponding with βt,5 on the other 
hand is much larger than βLCO. Consequently, this situation corresponds with 
a clear overinvestment in safety, which is again undesirable from a societal 
perspective as this overinvestment claims valuable resources which could be 
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put to better use in other areas of public safety and health. The other three 
PDFs of βSTD, related to βt,2, βt,3 and βt,4 are close to βLCO and even have a 
visual overlap with βLCO. It is no longer possible to make a clear statement on 
the acceptability of these target reliabilities and the actual decision is 
commonly political in nature. Here issues as risk perception, policy aims and 
political feasibility may play an important role. 
However, what are the boundaries of the acceptable range for βt? How far 
does the discretionary competence of the decision-maker reach, and what 
should be considered as the minimum and maximum values for βt? Clearly 
these questions cannot be answered from a mathematical technical 
perspective alone, or without considering the risk of taking the wrong 
decisions. However, it is clear that the degree of overlap (or the lack of 
overlap) between βSTD(βt) and βLCO does convey a measure of acceptability. If 
limits for this measure of acceptability can be predetermined on a general 
basis (i.e. not case-by-case), evident under- or overinvestments could be 
avoided and the political decision-making process can be guided towards 
acceptable results. 
In general terms, it can be stated that an unacceptable overinvestment in 











with θ1 the maximum acceptable deviation factor for overinvestment (0 ≤ θ1 
≤ 1). 











with θ2 the maximum acceptable deviation factor for underinvestment (0 ≤ 
θ2). 
The maximum acceptable deviation factor θ1 for overinvestment and θ2 for 
underinvestment are important parameters which directly indicate an over- or 
underinvestment at the level of the reliability index. Clearly, over-investment 
at the level of the reliability index will also constitute a monetary 
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overinvestment (and likewise in case of underinvestment), but the 
acceptability thresholds θ1 and θ2 considered here are not directly linked to a 
monetary measure. Considering over- and underinvestment at the level of the 
reliability index has the advantage that it clarifies to the decision maker and 
to the public how much safety they accept at maximum to overinvest or 
underinvest for reasons of policy and for reasons of the psychological 
concepts mentioned above. Determining appropriate values for θ1 and θ2 can 
be done based on socioeconomic considerations, by considering societal risk-
preferences, or any other method. The question of what are appropriate 
values for θ1 and θ2 is not investigated further. Here, the factors θ1 and θ2 are 
considered similar to the acceptance thresholds in conformity control (which 
forms an inspiration for the proposed decision support tool), and which are 
chosen by a standardization committee based on a general agreement of 
acceptability. 
Since both βLCO and βSTD(βt) are described by a probability density function, 
equations (VI.44) and (VI.45) can generally only be evaluated as 
probabilities, i.e. the probability P1 of having an unacceptable overinvestment 























with P[.] the probability evaluator. 
As both the situations related to P1 and P2 are undesirable, both probabilities 
should be limited to a limiting acceptable probability Plimit,1 and Plimit,2. Again, 
these limiting probabilities can be chosen based on socioeconomic 
considerations, or any other method. Here, the limiting probabilities are 
considered as in the area of conformity control where the limiting 
probabilities are determined by a standardization committee based on 
consensus.  
By evaluating (VI.46) and (VI.47) and determining the limit value of βt for 
which Plimit is reached, a bounded interval is defined with acceptable values 
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for βt. This interval will be denoted as the Acceptable Range. The calculation 
concept is illustrated in Figure VI.12. 
 
Figure VI.12: Concept of P1 (probability of exceeding overinvestment limit) 
and P2 (probability of exceeding underinvestment limit), and visualization of 
the Acceptable Range for given limiting acceptable probabilities Plimit,1 and 
Plimit,2. 
 
The Acceptable Range can be used to limit the discretionary competence of 
decision makers without taking away the possibility of deviating slightly 
from technical optimum safety levels for reasons of policy. It is strongly 
recommended that both the maximum acceptable deviation factors θ1 and θ2, 
and the limiting acceptable probabilities Plimit,1 and Plimit,2 are fixed up front 
on a general basis, possibly with different values for different policy areas. 
Fixing these values should be left to the decision-makers during a process by 
which they voluntarily commit themselves to these limits. 
Further, it should however be noted that there are many situations where the 
implicit or explicit βt incorporated in legal requirements or standards will 
influence the LCO and consequently, βLCO. This is for example the case for 
optimizing the reliability of structural elements, since βt (or the consequence 
class) governs the characteristic load which may be placed on a load-bearing 
element. Similarly, this βt dependency may also be the case for situations 
related to occupational safety and health: the optimum reliability level of an 
industrial plant may depend on the number of people who are legally allowed 
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to be present on the premises, or the requirements with respect to the distance 
from residential areas. This more complex situation where βLCO is also a 
function of βt will be illustrated below in a first application example where 
the optimum reliability for the design of concrete slabs will be evaluated. In 
order to avoid making this first application example to cumbersome, the 
decision support tool is applied for normal design situations (i.e. not 
considering fire exposure). Structural fire safety is the focus of the second 
application example in which the Acceptable Range for the structural fire 
resistance time is determined based on the Lifetime Cost Optimization 
calculations elaborated above. 
VI.3.3. First application example: target reliability index for the 
design of concrete slabs (normal design situation) 
In accordance with the general methodology described above, the obtained 
reliability using the current (legal) design concepts is evaluated in case of 
concrete slabs for different target reliabilities and compared with the 
optimum target reliabilities obtained through Lifetime Cost Optimization. 
VI.3.3.1 Reliability index βSTD obtained with the design methodology of 
the Eurocodes 
In the European Union, the design of concrete slabs is governed by EN 1990 
(CEN, 2002a) and EN 1992-1-1 (CEN, 2004a). While EN 1990 indicates a 
general target reliability βt of 3.8 for structural elements for a 50 year 
reference period and consequence class CC2 (moderate consequences of 
failure), EN 1992-1-1 gives the associated partial factors to be applied 
together with the characteristic resistance variables in order to obtain this 
target reliability index. The obtained reliability level is however uncertain but 
should be close to βt. For a given slab configuration subjected to bending, the 
obtained probability of failure Pf,STD and associated reliability index βSTD can 
be determined by evaluating equation (VI.48): 
( ) ( ),f STD STD R R E G QP P K M K M Mβ  = Φ − = < +   (VI.48) 
with Pf,STD the probability of failure, Φ(.) the cumulative standard normal 
distribution, KR the model uncertainty for the resistance effect, MR the 
bending moment capacity, KE the model uncertainty for the load effect, MG 
the bending moment induced by the permanent loads, MQ the bending 
moment induced by the imposed loads. 
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As described in Chapter III, a lognormal distribution is used to describe the 
model uncertainties, MG follows a normal distribution and MQ is described by 
a Gumbel distribution. As indicated in Figure III.3, MR can be described by a 
lognormal distribution for common design situations (i.e. at tE = 0 min). 
In order to compare the reliability index βSTD obtained by applying the design 
rules of the standards with the optimum reliability index βLCO obtained 
through lifetime cost optimization, a reference period of 5 years is used for 
the imposed load effect MQ. As discussed earlier, this 5 year reference period 
for MQ is related to the modelling of the imposed load for the LCO by a non-
intermittent rectangular wave process with an average time between renewals 
of 5 years. 
The methodology of Chapter III is applied, considering that the design value 
of the load effect MEd equals the design value of the bending moment 
capacity MRd. Consequently, the characteristic value of the bending moment 
induced by the permanent load is calculated by equation III.5 which is 
rewritten here as equation (VI.49) to clarify the βt dependency of the partial 
factors. This βt dependency has been incorporated in EN 1990 (CEN, 2002a) 
in a less general form, considering the differentiation in consequence classes 
in Annex B of the standard. 
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MRd is calculated as described in EN 1992-1-1 (CEN, 2004a), applying the 
partial factor for the concrete compressive strength γc and the partial factor 
for the reinforcement yield stress γs. For legibility, the βt-dependency of the 
partial factors γ is not explicitly written further. In (Caspeele et al., 2013a), 
these partial factors γG, γQ, γc and γs have been derived as a function of the 
target reliability index βt. The applicable formulas are given by equations 
(VI.50)-(VI.53). As a special note it should be mentioned that the partial 
factor for the imposed load effect is based on a Gumbel-distribution with a 50 
year reference period. This is not in contradiction with the intention stated 
above to evaluate the reliability βSTD considering a 5 year reference period 
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since γQ is only applied to determine the load effect MGk according to the 
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with αR the sensitivity factor for the resistance effect (= 0.8), αE the 
sensitivity factor for the load effect αE (= -0.7), γx* the partial factor of 
variable X relating the representative value to the characteristic value, Vfc the 
coefficient of variation of the concrete compressive strength, Vfy the 
coefficient of variation of the reinforcement yield stress, VG the coefficient of 
variation of the permanent load, and VQ the coefficient of variation of the 
imposed load. 
Having determined all the required parameters, the reliability index βSTD (5 
year reference period) obtained for a given target reliability index βt (50 year 
reference period) is calculated for a large number of slab configurations. An 
overview of these configurations and the probabilistic models for the basic 
variables is given in Table VI.6. Off course, the methodology can be applied 
to a larger set of configurations and other stochastic variables and distribution 
types can be considered.  
Note that the coefficient of variation Vfy equals 0.05 in Table VI.6 instead of 
0.07 as used in the other sections. The value of 0.05 is taken for conformity 
with (Caspeele et al., 2013a), which is necessary for applying equations 
(VI.50)-(VI.53) as these equations for the partial safety factors have been 
calibrated considering Vfy = 0.05. In theory, equations (VI.50)-(VI.53) can be 
recalibrated, but this option is not pursued here. 
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Subsequently, βSTD is calculated for all configurations of Table VI.6. 
Interpreting βSTD obtained for the different configurations as a dataset 
describing βSTD(βt), a Beta distribution is found appropriate for describing 
βSTD(βt). A visualization of the Beta distributions associated with target 
reliabilities of 3.6, 3.7, 3.8, 3.9 and 4.0 is given in Figure VI.13. 
Table VI.6: Characteristics of the investigated slab configuration: property 
description, symbol and unit, stochastic distribution, mean value µ and 
coefficient of variation V. 
Property description, symbol and unit Distribution µ V 
Concrete compressive strength at 20°C 









Reinforcement yield stress at 20°C fy,20 
[MPa] (fyk = 500 MPa) 









Slab thickness h [mm] Deterministic 150/200/ 
250/300 
- 
Slab unit width b [mm] Deterministic
 
1000 - 



















Load ratio χ [-] Deterministic 0.5 - 
 
VI.3.3.2 Optimum reliability index βLCO based on Lifetime Cost 
Optimization 
While βSTD can be considered as the reliability index obtained through the 
societal preferences implicitly incorporated in the Eurocode design format, 
this reliability index does not necessarily coincide with the reliability index 
βLCO which corresponds with an optimal investment of societal resources. As 
an example, the optimum investment in reinforcement is determined for the 
basic slab configuration of  Table VI.7, which corresponds with slab type A 
for s = 100 mm, and is a more specific situation compared to the wide range 
of slabs considered in the previous section (Table VI.6). 
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Figure VI.13: Probability density functions (PDF) describing βSTD (5 year 
reference period) as a function of the target reliability index βt for a design 
according to the Eurocode methodology (50 year reference period).  
 
Table VI.7: Characteristics of the investigated slab configuration: property 
description, symbol and unit, stochastic distribution, mean value µ and 
coefficient of variation V. 
Property description, symbol and unit Distribution µ V 
Concrete compressive strength at 20°C 









Reinforcement yield stress at 20°C fy,20 









Slab thickness h [mm] Deterministic 150/200/ 
250/300 
- 
Slab unit width b [mm] Deterministic
 
1000 - 





Concrete cover c [mm] 




Reinforcement area As [mm²] 








Load ratio χ [-] Deterministic 0.5 - 
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The mean concrete cover µc corresponds with cnom, i.e. as the PDF for the 
concrete cover is symmetrical with respect to the mean value, the mean value 
for the concrete cover is equal to the nominal concrete cover. 
The investment in reinforcement is modelled by varying the horizontal 
reinforcement spacing s with respect to a reference spacing sref of 100 mm 
(i.e. slab type A). The reference spacing determines the reference value for 
MRd and consequently MGk and MQk as a function of the target reliability 
index (through the βt dependent partial factors γ). Therefore, in this section βt 
should be considered as a reference design target reliability index, which has 
a small but non-negligible effect on the optimum results due to the βt 
dependency of equation (VI.49). 
Knowing the load and resistance characteristics, a reliability index β(βt) can 
be associated with every s value. Whether or not this s value is an optimum 
design with respect to societal resources will depend amongst others on the 
cost of the additional reinforcement, the construction cost, the failure costs 
and the discount rate, as elaborated in the first part of this chapter (i.e. the 
section on Lifetime Cost Optimization). Considering only the failure costs D0 
associated with normal design conditions, the general optimization criterion 
(VI.33) is given by: 









For the current example, the additional investments in safety can be related to 
the costs of the additional reinforcement (compared to the reference 
situation). Consequently, the ratio ε(p) of the additional safety investments to 
the reference construction cost can be described by equation (VI.37) given in 
the sections related to Lifetime Cost Optimization. Therefore, the optimum 
criterion can be written as (VI.55), describing the reinforcement bar cost ratio 
κ for which a given value of the design parameter p (the horizontal spacing s) 
is the economic optimum investment. 
( )







dP pb b b bP p
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The probability of failure Pf(p) is evaluated using FORM and its derivative is 
evaluated numerically. Results indicating the optimum reinforcement spacing 
s as a function of the reinforcement cost ratio κ are visualized in Figure 
VI.14. Every s value corresponds with a specific probability of failure Pf(p) 
and associated reliability index β (5 year reference period). Some of these β 
values have been indicated in Figure VI.14 by grey lines, denoted β5y. Similar 
graphs can be generated for other discount rates and reference design target 
reliability indices βt. 
When a precise value for κ is known, the optimum rebar spacing s and 
associated optimum reliability index β5y can be determined for a given failure 
cost ratio ξ. However, when κ is uncertain, the lifetime cost optimum 
reliability index is described by a stochastic distribution: denoted further as 
βLCO. Similar considerations apply when other variables such as for example 
ξ are considered uncertain. For the slab configuration of Table VI.7, the cost 
factors of Table VI.8 are considered as an example for the current case study. 
Consequently, the reference slab configuration (s = 100 mm) corresponds 
with a reinforcement weight of 6.165 kg per m² of finished slab and the total 
cost is estimated at 82.07 EUR / m². The cost a* equals 0.46 EUR / m². 
Therefore, κ = 0.0056, and for ξ = 7 the optimum s = 113.6 mm, 
corresponding with β5y = 3.88. However, considerable uncertainties exist with 
respect to the reinforcement cost ratio κ and a model uncertainty should be 
applied as defined by (VI.56), with KM the model uncertainty for the 
reinforcement cost ratio. 
Assuming a lognormal distribution for KM with mean value of 1 and a 
coefficient of variation of 0.1 presumed for the current case study, the 
associated distribution of the optimum values of s and βLCO can be 
determined numerically. Based on these numerical results, a Beta distribution 
is found appropriate to describe βLCO and the results are visualized in Figure 
VI.15 for the specific case discussed above. As mentioned earlier, the 
reference design target reliability index βt influences the obtained reliability 
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Figure VI.14: Optimum reinforcement spacing as a function of the 
reinforcement cost ratio κ = a* / C0 and the failure cost ratio ξ, discount rate 
γ = 0.02. Grey curves visualize a set of equi-reliability lines. 
 
Figure VI.15: Probability density functions (PDF) describing βLCO (5 year 
reference period) as a function of the reference design target reliability βt (50 
year reference period) for a design according to the Eurocode methodology, 
for ξ = 7, γ = 0.02 and κ as described above. 
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Table VI.8: Example cost properties for the slab configuration of Table VI.7. 
Property Dimension Value 
reinforcement cost EUR / kg 0.75 
reinforcement weight kg / m³ 7850 
concrete cost EUR / m³ 100 
labour cost EUR / m² 50 
Overhead % 10 
VI.3.3.3 Comparison of βSTD and βLCO and the Acceptable Range Decision 
Tool 
As distributions have been determined for both the reliability indices 
obtained through the application of the Eurocode standards (βSTD) and the 
reliability index based on societal lifetime cost optimization (βLCO), both can 
now be compared in order to apply the decision making support tool. 
Consider a maximum acceptable deviation βLCO = βSTD (1 ± θ), i.e. here θ1 = 
θ2 = θ. As stated earlier, the maximum acceptable deviation factor θ should 
be fixed a priori from a societal risk perspective and governs the maximum 
over- or underinvestment in safety which is deemed acceptable by society. 
However, as both βSTD and βLCO are uncertain, a limiting acceptable 
probability Plimit of exceeding the maximum acceptable deviation should be 
specified as well (i.e. Plimit = Plimit,1 = Plimit,2 is considered further). Not 
accepting a (small) probability of exceedance would result in overly strict 
boundaries for the Acceptable Range. 
As an example, the Acceptable Range is determined for the distributions of 
βSTD and βLCO calculated above, considering further a maximum acceptable 
deviation factor θ of 0.1 and a limiting acceptable probability Plimit of 0.1, i.e. 
a maximum probability of 10% that βLCO deviates 10% or more from βSTD. 
Consequently, the criterion avoiding overinvestment in safety is given by: 
1 0.10.9
LCO
STD limitP P P




and the criterion avoiding underinvestment in safety is given by: 
2 0.11.1
LCO
STD limitP P P
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Both probabilities P1 and P2 are evaluated numerically and are visualized in 
Figure VI.16, together with the limiting acceptable probability Plimit and the 
resulting Acceptable Range for βt. These results have been obtained for the 
slab configuration of Table VI.7 and a discount rate γ = 0.02. The resulting 
Acceptable Range for βt is indicated for ξ = 7. 
 
Figure VI.16: Evaluation of P1 (probability of exceeding the overinvestement 
limit) and P2 (probability of exceeding the underinvestment limit) for 
different failure cost ratios ξ. Visualization of the Acceptable Range for ξ = 7, 
θ = 0.1, and Plimit = 0.1. 
 
However, for practical reasons a single target reliability should be proposed 
which is applicable for a somewhat wider range of design situations in order 
to consider practical concerns related to code making, for example (referring 
to Figure VI.16) a single βt applicable for ξ values from 7 to 100. 
Consequently, the resulting Acceptable Range is the intersection of the 
Acceptable Ranges defined for the different ξ values. For the specific 
situation of Figure VI.16, this results in a very narrow acceptable range 
around βt = 3.5 (Figure VI.17). It is concluded that dependent on the target 
range of applications the ability of the decision maker to incorporate political 
preferences in the decision making process may be very restricted. Similar 
conclusions apply when considering for example a set of long term discount 
rates γ for which the code requirement should be acceptable. On the other 
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hand, the methodology also indicates that it is impossible to find target 
reliability indices which are acceptable in every situation (e.g. for ξ = 2 to 
100 in Figure VI.17) since the individual Acceptable Ranges no longer 
intersect. Consequently, the methodology also enables to indicate the 
necessity to differentiate in standards between structures with high failure 
consequences and structures with low failure consequences, even if limited 
over- or underinvestment is considered acceptable. This necessity for 
differentiating between ranges of failure cost ratios  has been acknowledged 
in EN 1990 (CEN, 2002a) by considering different consequence classes. 
 
Figure VI.17: Acceptable Ranges for the different ξ shown in Fig. 6 (γ = 0.02, 
θ = 0.1, Plimit = 0.1), and resultant Acceptable Range when considering a 
range 7 ≤ ξ ≤ 100. 
VI.3.3.4 Sensitivity analysis 
As mentioned above the maximum acceptable deviation factors θ1 and θ2, and 
the limiting probabilities Plimit,1 and Plimit,2 should be determined by the 
decision maker on a general basis, although a differentiation for distinct types 
of situations may be recommendable. As illustrated further, these parameters 
strongly influence the Acceptable Range obtained through the decision 
support tool. This is both an expected and a desirable feature, as increased 
flexibility for the decision maker when large deviations from the optimum 
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are deemed acceptable (and reduced flexibility if only small deviations are 
acceptable) is a core consideration of the proposed decision support tool. The 
goal of the proposed methodology is to improve communications between 
technical experts, the decision maker, and the public. If all stakeholders agree 
on very large acceptable deviation factors and limiting probabilities for 
certain situations, this is considered perfectly acceptable in the proposed 
methodology.  
The effect of the choice of θ1 and θ2 on the Acceptable Range for the 
example elaborated above is visualized in Figure VI.18 for ξ = 7. Again, θ1 = 
θ2 = θ has been assumed. While a maximum acceptable deviation factor θ = 
0.1 corresponds with results visualized earlier in Figure VI.16, θ = 0.15 
results in a considerably larger Acceptable Range, and θ = 0.05 results in a 
considerably smaller Acceptable Range. For θ = 0.01 no Acceptable Range is 
found, illustrating that in any non-deterministic situation at least a small over- 
or underinvestment should be deemed acceptable in order to allow for 
decision making. In other words, in all decision making at least a small over- 
or underinvestment is (implicitly) deemed acceptable, although this may not 
be clear as such in current decision making processes. 
 
Figure VI.18: Evalutation of P1 (probability of exceeding the overinvestment 
limit) and P2 (probability of exceeding the underinvestment limit) for 
different θ and associated Acceptable Ranges, (ξ = 7, γ = 0.02, Plimit = 0.1). 
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Similarly, the width of the Acceptable Range is related to the value for the 
limiting probabilities, with here Plimit,1 = Plimit,2 = Plimit. The effect of the 
limiting probability on the Acceptable Range for the example above is 
illustrated in Figure VI.19. For the specific situation considered here only a 
small effect is observed. However, this is strongly dependent on the slope of 
the curves representing P1 and P2. As illustrated in the next application 
example on the structural fire resistance time tR, the curves representing P1 
and P2 can be much more inclined, resulting in a much stronger effect of the 
limiting probability. 
 
Figure VI.19: Acceptable Ranges as a function of Plimit for different ξ (γ = 
0.02, θ = 0.1). 
VI.3.4. Second application example: the required structural fire 
resistance time tR as a function of the occupancy type 
Having introduced the concept of the decision support tool for the more 
straightforward situation of the normal design target reliability index, 
attention is redirected towards the more complex and nonlinear situation of 
fire exposure. Structural fire resistance in Europe is governed by legally 
required fire resistance classes Rx (European Commission, 2000). These fire 
resistance classes imply a load bearing capacity up to x minutes of standard 
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fire exposure (CEN, 2002b) and (CEN, 2004b), where standard fire exposure 
is associated with the ISO 834 standard fire curve (CEN, 2002b). The 
European legislation aims to strengthen the European single market by 
creating a common terminology for construction products. Furthermore, the 
number of fire resistance classes is limited: only the classifications R15, R20, 
R30, R45, R60, R90, R120, R180, R240 and R360 can be used. However, the 
actual legal requirements for structural fire resistance in buildings (for 
example the required Rx class in a high-rise building) are determined through 
national legislation since public safety is not a European competence. 
Examples of such national legislations are “KB of the 7th of July 1994” for 
Belgium (KB, 1994), “Bouwbesluit” for the Netherlands (Bouwbesluit, 2011) 
and “Approved Document B” for the United Kingdom (National Building 
Specification, 2013). These requirements are mainly based on expert 
judgement, and for some situations these national requirements differ greatly 
(European Commission, 2002). Therefore, it is of special interest to 
determine what is the Acceptable Range for the required structural fire 
resistance. In order not to limit the calculations to the limited set of European 
classifications, the fire resistance time is here considered as a continuous 
variable tR. 
VI.3.4.1 Reliability index βSTD obtained for a prescribed fire resistance 
time tR 
Whenever national legislation specifies a specific fire resistance tR to the ISO 
834 standard fire, the actual reliability obtained in a more realistic natural or 
parametric fire is not well known. First of all multiple formulations for 
natural fire curves exist, as for example the Eurocode EN 1991-1-2 
parametric fire curve (CEN, 2002b), the iBMB curve (Zehfuss & Hosser, 
2007), and the BFD curve (Barnett, 2002) and (Barnett, 2007). Since the 
natural fire curve of the Eurocode has the most wide practical application, 
this model has been adopted for describing natural fires. Secondly, the 
severity of the natural fire is strongly dependent on the fire load density q and 
the opening factor O. Especially with respect to the fire load density very 
large uncertainties are associated, and consequently, q is modelled by a 
Gumbel distribution with a coefficient of variation equal to 0.3 (Albrecht & 
Hosser, 2010). Thirdly, even the structural reliability for standard fire 
exposure is not well understood and only recently reliability calculations are 
being made for structural fire safety, see for example (Sidibé et al., 2000), 
(Eamon & Jensen, 2013) and (Guo et al., 2013). 
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As an example and using the methodology developed in Chapters III and V, 
the reliability index βfi,tE during exposure to the Eurocode natural fire curve is 
evaluated for different deterministic fire load densities qDET and an opening 
factor of 0.04 m1/2. The opening factor O characterizes the ventilation 
conditions for the fire. An opening factor of 0.04 is considered more realistic 
for calculations related to modern buildings as current windows usually do 
not break during fire and a low opening factor results in a more severe fire 
from the perspective of structural reliability. Results for the slab 
configuration of Table VI.7 (with s = 100 mm and cnom modified to 15 mm) 
are visualized in Figure VI.20 for different fire load densities q. Furthermore, 
the reliability index βfi,tE for exposure to the ISO 834 standard fire is 
visualized as well. The fire resistance time tR of the slab has been determined 
in accordance with the advanced calculation method of EN 1992-1-2 (CEN, 
2004b). 
 
Figure VI.20: Evolution of the reliability index βfi,tE for the concrete slab of 
Table VI.7 (with s = 100 mm and cnom = 15 mm) exposed to the ISO 834 
standard fire curve and the EN 1991-1-2 parametric fire curve in function of 
time (q every 200 MJ/m² from 200 to 1200 MJ/m², O = 0.04 m1/2). 
 
For the parametric fire curve exposure, no strength recovery in the cooling 
phase is considered in Figure VI.20 although this is well established in 
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literature (see for example (fib, 2008) and the post-fire assessment method of 
Chapter IV). Neglecting strength recovery is acceptable since for the 
parametric fire exposures only the minimum value of βfi,tE (further denoted as 
βmin) is of importance. Furthermore, taking strength recovery into 
consideration may result in an overestimation of βmin as discussed in Chaper 
V. Based on these considerations and the Gumbel distribution for the fire 
load density, a histogram of βSTD is determined for a given tR-value and mean 
fire load density q. As in the previous example for normal design conditions, 
the obtained histogram can be approximated by a Beta-distribution. Results 
for q = 780 MJ/m² (residential building according to (Albrecht & Hosser, 
2010) are visualized in Figure VI.21. 
 
Figure VI.21: Probability density functions (PDF) describing βSTD as a 
function of the target structural fire resistance time tR for design according to 
the advanced calculation method of EN 1992-1-2. 
VI.3.4.2 Optimum reliability index βLCO for structural fire safety 
The optimum reliability index βLCO for structural fire safety is evaluated using 
the procedure described in the first part of this chapter, i.e. considering the 
optimization criterion (VI.34) and the sinusoidal repair function r1 (VI.41). 
The post-fire load bearing ratio after exposure to the Eurocode parametric 
fire curve is defined by the post-fire load bearing ratio obtained for an 
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equivalent ISO 834 standard fire (see Table VI.4). The equivalent ISO 834 
standard fire for a given parametric fire is defined by the reliability-based 
equivalent standard fire duration discussed in Chapter V (i.e. considering a 
reliability index βfi,tE for the standard fire equal to βmin for the parametric fire). 
Since the goal is to optimize with respect to structural fire safety (given the 
standard Eurocode design of EN 1992-1-1 (CEN, 2004a) described earlier, 
i.e. βt = 3.8), the design value MRd of the bending moment capacity during 
normal design conditions is maintained constant at the capacity obtained for 
the reference slab configuration of Table VI.7 (s = 100 mm). Subsequently, 
the design is optimized with respect to the concrete cover c, while 
maintaining all other parameters and modifying the horizontal spacing s of 
the reinforcement in order to maintain MRd. The optimization parameter c is 
chosen since the importance of the concrete cover for structural fire safety 
has been emphasized both in literature, see for example (Erdem, 2009), (Choi 
& Shin, 2011), and in Chapter III. Furthermore, increasing the concrete cover 
can be considered a cheap method to improve structural fire resistance. 
Consequently, the optimization is similar to the calculations described in 
detail in section VI.2.3 above, and the detailed formulas derived there are 
directly applicable. However, the fire exposure now relates to the parametric 
fire exposure of EN 1991-1-2 (CEN, 2002b) instead of the ISO 834 standard 
fire exposure. 
Evaluating the optimization criterion of equation (VI.34) graphs are 
generated displaying the optimum concrete cover as a function of the 
reinforcement cost parameter κ, for different deterministic fire load densities 
qDET (Figure VI.22). Note that qDET is simply a deterministic value for the fire 
load density for which the optimization criterion is evaluated in Figure VI.22 
for illustrative purposes.  
Integrating the optimum reliability indices βmin over the Gumbel distribution 
for the uncertain fire load density q (for a given reinforcement cost ratio κ), 
gives κ-dependent distributions for βLCO – for amongst others a given failure 
cost ratio ξ. Considering the cost parameters of Table VI.8 and the 
uncertainty model of equation (VI.56) for κ, the overall distribution for βLCO 
is obtained. Results are visualized in Figure VI.23 for different ξ (λig = 
2.5·10-3 / year and qnom = 780 MJ/m²). 
 
Chapter VI: Lifetime cost-optimization and decision making 303 
 
Figure VI.22: Optimum concrete cover as a function of the reinforcement 
cost ratio κ = a* / C0 and the deterministic fire load density qDET, discount 
rate γ = 0.02, failure cost ratio ξ = 7, λ = 0.2, λig = 2.5·10-3, psup = 0.9. Grey 
curves visualize a set of equi-reliability lines. 
 
Figure VI.23: Probability density functions (PDF) describing βLCO for 
different failure cost ratios ξ, (λig = 2.5 10-3, qnom = 780 MJ/m²). 
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VI.3.4.3 Comparison of βSTD and βLCO and the Acceptable Range Decision 
Tool for the fire resistance tR 
Having determined distributions describing both βSTD and βLCO, the concept of 
the Acceptable Range Decision Tool can be applied. First, the maximum 
acceptable deviation factors θ1 (for overinvestment) and θ2 (for 
underinvestment) have to be chosen. As fire is an accidental load, here θ1 = 
θ2 = 0.20 is chosen, while Plimit,1 and Plimit,2 are both maintained at 0.10. In 
Figure VI.24 the obtained probabilities P1 and P2 are visualized, as well as 
the obtained Acceptable Range. 
 
Figure VI.24: Concept of P1 (probability of exceeding overinvestment limit) 
and P2 (probability of exceeding underinvestment limit), and visualization of 
the Acceptable Range for given limiting acceptable probabilities Plimit,1 and 
Plimit,2. 
 
For small failure cost ratio ξ no Acceptable Range is found as the uncertainty 
with respect to the actual fire load density dominates the utility of 
investments in structural fire safety, i.e. for any chosen tR-value there always 
is an unacceptably large number of buildings where the imposed tR 
constitutes either an unacceptable underinvestment or an unacceptable 
overinvestment. 
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This means that the high uncertainty with respect to the fire load q in 
combination with a small failure cost ratio ξ can yield the conclusion that the 
preferred accuracy for the obtained reliability index βSTD to be close to the 
economic optimum βLCO is unrealistic. Only when ξ is large an Acceptable 
Range develops, indicating a range for tR for which the criteria for avoiding 
unacceptable underinvestment and overinvestment are compatible. 
As the indicated Acceptable Range in Figure VI.24 for ξ = 350 only covers a 
single fire resistance classification (R180), only this classification should be 
acceptable in case the goal of the analysis is legislative. However, if the 
analysis is performed in order to analyze the range of reasonable design 
alternatives for a private building portfolio, the obtained Acceptable Range 
can be compared with the applicable legal requirements. If these applicable 
requirements indicate a fire resistance class below R180, the decision tool 
strongly recommends to opt for the additional investment corresponding with 
R180, or to consider a performance based design to obtain a tR situated in the 
Acceptable Range. 
With respect to the unavailability of an Acceptable Range for low ξ (i.e. 
corresponding for example with regular residential buildings) multiple 
options exist to overcome this problem. The information with respect to 
fireload densities can be improved in order to have a less wide distribution of 
βSTD. Furthermore, accepting the inability to avoid either underinvestment or 
overinvestment in a large fraction of the built environment, a choice can be 
made with respect to which criterion is more important and Plimit,1 and Plimit,2 
can be chosen accordingly, for example accepting a probability of 
overinvestment of 0.5 or more, which in fact means that the design is 
governed by a large quantile of the fire load density, as is the case in the 
current design codes. Finally, the definitions of unacceptable overinvestment 
and unacceptable underinvestment can be adjusted as well. For accidental 
loading it may be appropriate to have a design which is reasonably speaking 
over-dimensioned considering the low occurrence probability of the 
accidental load. However, these difficulties do not downgrade the usefulness 
and value of the presented decision support tool as these choices related to 
over- and underinvestment are now clear to both the decision maker and the 
public. 
VI.3.5. Note on possible applications 
Possible applications of the developed concepts go beyond the example of 
determining an acceptable range of target reliabilities for legal requirements 
or code calibration. The proposed methodology can also be used to determine 
Chapter VI: Lifetime cost-optimization and decision making 306 
whether code updating is necessary given changed economic or societal 
considerations. Clearly it is not feasible to update code requirements every 
time economic parameters appear to change, but by using the proposed 
methodology it can be assessed whether the current target reliability index βt 
lies within the Acceptable Range considering the updated considerations. If 
the current target reliability index lies outside the Acceptable Range, 
standards should be updated. 
Specifically for the Eurocode design concepts, the proposed methodology can 
be applied to determine whether the national modification of partial factors or 
combination factors is necessary, given different local economic 
considerations or local load characteristics (e.g. wind load, snow load etc). If 
the nominal value proposed by the standardization committee lies within the 
Acceptable Range for all national parties, it is in principle not necessary to 
include an option for national deviations. 
VI.4. Conclusions 
Practical applications of the safety calculations presented in the previous 
chapters are associated with decision making. Whereas the post-fire 
assessment method of Chapter IV can readily be applied by practitioners, the 
results of Chapter III and V should be implemented by considering an 
optimum investment in structural fire safety. Furthermore, as most practical 
decisions are invariably influenced by political motivations and 
psychological considerations, a decision support tool clarifying the range of 
acceptable solutions to the decision maker would be most valuable. 
Both these aspects have been discussed in detail in this chapter. First, the 
concept of lifetime cost optimization has been introduced in detail, 
establishing a clear mathematical methodology for determining the optimum 
investment in structural fire safety. An example application considering the 
optimum investment in the concrete cover has been elaborated. 
For practical feasibility a decision support tool is introduced which gives 
decision makers the opportunity to set reasonable bounds to their 
discretionary competence, based on the assumption that both extreme 
overinvestments and extreme underinvestments are undesirable to all 
stakeholders. As the assumptions underlying these bounds can be more easily 
discussed with stakeholders and the general public, a more transparent and 
trustworthy decision making process can be obtained. Example applications 
for both the target reliability index in normal design situations, and for the 
(legally) required structural fire resistance time are given. For situations with 
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a low failure cost ratio and a high uncertainty with respect to the fire load 
density (which is not an uncommon situation), no Acceptable Range is found 
for investments in structural fire safety. This means that for these situations 
the criteria for avoiding overinvestment and underinvestment are 
incompatible. Options for overcoming this difficulty are summarily 
discussed. However, more importantly the results clarify to both the decision 
maker and the public the (political) choices which can be made with respect 
to structural (fire) safety. For situations where the failure costs are higher, an 
acceptable range is defined by the decision support tool, clarifying to the 
decision maker which are the reasonable bounds to their decision with 
respect to the required structural fire resistance time. 
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VII.1. General conclusions 
VII.1.1. Development of a probabilistic cross-sectional calculation 
tool, and evaluation of the reliability index for concrete 
elements during fire exposure 
A cross-sectional calculation tool has been developed which allows for a 
probabilistic evaluation of the stresses and strains inside concrete elements 
during fire exposure. Using the results obtained through the cross-sectional 
tool, a methodology for evaluating the reliability index βfi,tE during fire 
exposure has been elaborated in Chapter III. As can be expected, βfi,tE 
decreases with the ISO 834 standard fire duration, but (in case of pure 
bending) a different evolution is observed for the field bending moment 
capacity MR,fi,tE,pos where the tensile reinforcement is in the most heated area 
of the cross-section, and for the hogging bending moment capacity MR,fi,tE,neg, 
where the concrete compressive zone is directly exposed to fire. In the latter 
case the loss of strength in the concrete compressive zone is compensated by 
an increase of the height of this compressive area. While this reduces the 
lever arm, the size of the compression force and tension force (which are in 
equilibrium for perfect bending) are only partially affected. However, for 
MR,fi,tE,pos where the tensile reinforcement is directly heated, the tension force 
is strongly affected, resulting in a faster decrease of the bending moment 
capacity, and consequently a faster decrease of the reliability index βfi,tE. 
Based on parametric studies the nominal concrete cover and the standard 
deviation of the concrete cover are found to be the dominant variables for the 
obtained reliability index in case of the field bending moment capacity 
MR,fi,tE,pos, whereas for the hogging capacity MR,fi,tE,neg more variables are 
found to be of importance. 
VII.1.2. The mixed-lognormal distribution for a more precise 
description of the field bending moment capacity during 
fire exposure 
Whereas the initial reliability calculations executed for determining βfi,tE were 
based on crude Monte Carlo simulations, this method can be very 
computationally expensive, making practical applications difficult. However, 
based on histograms of the observed bending moment capacity, the 
distribution describing the bending moment capacity has been evaluated. For 
the field bending moment capacity a mixed-lognormal distribution results in 
an excellent approximation, while a traditional lognormal distribution is 
found to be non-conservative. On the other hand, for the hogging bending 
moment capacity a traditional lognormal approximation gives good results. 
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Since the distributions describing the bending capacity are determined, 
computationally efficient methods as FORM can be applied for the reliability 
calculations. 
VII.1.3. Easy-to-use and reliability-based method for the post-fire 
assessment of concrete elements 
Thanks to the good fire performance of concrete structures, often no failure 
will occur during fire exposure, and the post-fire load-bearing capacity of the 
exposed concrete elements should be assessed. This post-fire assessment 
should be based on reliability considerations as the Eurocode design 
methodology clearly stipulates a target safety level for normal design 
conditions. 
A very practical and easy-to-use assessment method has been developed 
which gives practitioners a very easy tool for a reliability-based evaluation of 
the maximum allowable imposed load after fire exposure. A target reliability 
index βt,50 of 3.8 is considered (for a 50 year reference period), but other 
values for βt,50 can easily be considered. The method is based on a limited 
number of analytical equations and allows to incorporate data from 
inspections. To the best of our knowledge, this is currently the only 
(simplified) tool available for a reliability-based assessment of the load-
bearing capacity of concrete elements after fire exposure. 
VII.1.4. Reliability-based equivalent fire-duration and evaluation 
of the current equivalency formula given in Annex F of 
EN 1991-1-2 
By directly evaluating the reliability index βfi,tE both in case of exposure to 
the ISO 834 standard fire and to parametric fires, a criterion of equivalent 
safety allows to define a reliability-based equivalent standard fire duration 
tISO,eq. Comparing these tISO,eq with the equivalency formula of Annex F of EN 
1991-1-2, the Eurocode equivalency formula is found to be non-conservative 
in most situations. In order to allow practical applicability, a lognormal 
correction factor is introduced for the Eurocode equivalency formula, with 
mean value 1.45 and coefficient of variation 0.20. Consequently, if a factor of 
1.45 is applied to the Eurocode equivalency formula, the obtained equivalent 
fire duration will on average result in equivalent safety. 
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VII.1.5. Evaluation of the target reliability index and the lower 
bound for the theoretical fire ignition frequency, as 
implicitly considered by the Eurocode design 
methodology 
The advanced calculation method of EN 1992-1-2 gives calculation rules for 
the structural fire resistance time of concrete elements without specifying the 
associated target reliability index. This is a major drawback for performance 
based design as the absence of an explicit target reliability index makes it 
much harder to prove equivalent safety with the traditional design rules. 
However, the target reliability index which is implicitly incorporated in the 
Eurocode design methodology can directly be evaluated with the developed 
calculation tools. When considering a 5 year reference period for the imposed 
load (Q5), a target reliability index of 1.35 ± 0.5 is observed. For a 50 year 
reference period (Q50), the observed target reliability index is 0.7 ± 0.3. 
Based on the consideration that the accidental situation of fire exposure 
should be no more, nor less determining with respect to structural failure, a 
lower bound for the fire ignition frequency implicitly considered by EN 
1992-1-2 is determined. For the advanced calculation method the observed 
ignition frequencies are significantly smaller than real life ignition 
frequencies. This indicates that the current advanced calculation method may 
not be stringent enough. However, no definitive conclusion can be made as 
only a lower bound is calculated. When on the other hand considering the 
implicit fire ignition frequencies associated with the tabulated data of EN 
1992-1-2, much better correspondence with real-life ignition frequencies is 
found. Especially for large fire durations, the lower bound for the implicit fire 
ignition frequency considered by the tabulated data is larger than real-life 
ignition frequencies. Consequently, these tabulated design solutions are 
clearly conservative. 
VII.1.6. Generalized methodology for determining the fire 
resistance time tR in accordance with EN 1992-1-2 
A generalized reliability-based methodology for determining the structural 
fire resistance time tR is presented. For standard design situations the 
generalized methodology is in full accordance with EN 1992-1-2. However, 
the proposed methodology expands the application range amongst others to 
damaged structures, and situations with improved or poor quality control, or 
less or more measurement uncertainties in case of the assessment of existing 
structures.  As the methodology requires actual reliability calculations, it is 
much more computationally demanding than the traditional semi-
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probabilistic methodology of EN 1992-1-2, but example calculations show 
that explicitly considering the effect of for example poor quality control for 
the concrete cover is absolutely necessary for maintaining consistency 
between designs. 
VII.1.7. Critical notes and suggestions for the target reliability 
index for structural fire safety design 
The natural fire safety concept (NFSC) provides a direct method for 
calculating the target reliability index for structural fire safety, taking into 
account the fire characteristics of the compartment and active fire-fighting 
measures like sprinklers. Dependent on the specific situation under 
consideration, the target reliability index given by the NFSC can be much 
higher, or lower than the implicit target reliability index incorporated in the 
design methodology of EN 1992-1-2. From a practical perspective, the NFSC 
can be considered as a very rational and easy-to-use method. However, the 
consideration that a low fire ignition frequency and active fire-fighting 
measures may effectively reduce the requirement for passive fire protection 
to zero is questioned. A number of arguments are presented, all strengthening 
the case for expanding the NFSC with a minimum investment in passive fire 
safety, irrespective of the probability of a fully-developed fire. Furthermore, 
even beyond this minimum level of passive fire protection the ALARP 
principle should be considered (As Low As Reasonably Practicable).  
VII.1.8. Lifetime cost-optimization for concrete elements exposed 
to fire 
The methodology for the lifetime cost-optimization of structural elements is 
expanded to incorporate the effect of fire exposure, allowing for an explicit 
balancing of upfront investments in structural fire safety with (uncertain) 
future benefits associated with a lower occurrence rate of failure, and lower 
repair costs. The calculation method is illustrated by an example considering 
the optimum investment in the concrete cover for simply supported solid 
slabs. As can be expected, the optimum concrete cover increases for more 
severe fires, larger failure costs, smaller investment costs, and smaller 
discount rates. Furthermore, the results indicate that the repair costs 
associated with partial damage should be taken into account explicitly (i.e. 
situations with no failure during fire, but reduced residual load-bearing 
capacity). 
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VII.1.9. Decision-support tool for decision making 
Decisions with respect to investments in safety may be strongly influenced 
by reasons of policy and by psychological concepts like availability effects 
and risk aversion. Here the calculated lifetime optimum design may be no 
more than one of the many arguments being considered. While the decision-
makers should indeed have the freedom to deviate from the theoretical 
optimum design if they so choose, it is argued that there are moral limits to 
this discretionary competence of the decision-makers. Blatant over- or 
underinvestment in Life Safety should be avoided, as an unacceptable 
overinvestment redirects valuable resources from policy areas where they can 
be of more value to society, and a significant underinvestment exposes 
people and infrastructure to disproportionate risks. Based on this 
consideration a mathematical tool is presented which explicitly calculates an 
Acceptable Range for the final decision. Within the Acceptable Range the 
decision-makers are free to deviate from the theoretical optimum design for 
reasons of policy. The developed tool is both very flexible and conceptually 
straightforward and allows for a more clear discussion between the decision-
makers and the general public. Calculation examples for the target reliability 
index in normal design situations, and for the (legally) required structural fire 
resistance time tR are presented. As a side-effect of the first calculation 
example, the necessity to differentiate between structures with high failure 
consequences and low failure consequences is demonstrated by the decision-
support tool (as is acknowledged in current design rules through the different 
consequence classes of EN 1990). For the second calculation example 
considering tR, the decision-support tool indicates that for small failure 
consequences the criteria for avoiding overinvestment and underinvestment 
are incompatible. Only for large failure consequences a clear Acceptable 
Range is found. A number of practical suggestions are given for solving the 
incompatibility in case of small failure consequences, but more importantly 
the decision-support tool externalizes this incompatibility and allows for a 
more clear discussion with the public on distinct policy options (for example 
increasing the threshold of unacceptable overinvestment, or on the contrary 
reducing the threshold for unacceptable underinvestment). 
 
 
Chapter VII: General conclusions and future research 315 
VII.2. Future Research 
As stated in the Introduction (Chapter I), this dissertation should be 
considered more as a proof of concept, and stepping stone towards a 
comprehensive evaluation of current fire safety requirements. Consequently, 
a lot of work remains to be done. 
VII.2.1. Generalization of conclusions by additional calculations 
In the course of the dissertation a huge number of calculations have been 
performed, stepwise improving the calculation methodologies. All 
methodologies have been illustrated by calculation examples, but a 
generalization of the conclusions can possibly be obtained by performing 
much more calculations, for example evaluating the implicit target reliability 
index of EN 1992-1-2 for a large number of beams and columns, and 
validating the obtained reliability index for many different cross-sectional 
geometries and fire exposures when applying the post-fire assessment 
method. 
VII.2.2. Safety level considering alternative failure modes and 
degradation effects 
The failure mode considered in this dissertation relates to the combined effect 
of bending moments and normal forces – with the situation of pure bending 
being a specific application. While this is the failure mode most commonly 
considered for fire safety design, other failure modes exist, as for example 
shear failure. Consequently, an application of the derived methodologies to 
alternative failure modes would be of great value. Furthermore, the elements 
considered in the dissertation were all considered to be in a perfect state. 
However, deterioration effects as e.g. reinforcement corrosion or 
delamination of the concrete cover may significantly reduce the structural 
performance during fire. As this may be an important issue for many existing 
structures, structural fire safety evaluations considering deterioration effects 
could be of great value. 
VII.2.3. Safety level of structural systems exposed to fire 
Both the design methodology of EN 1992-1-2 and the evaluations in this 
dissertation are based on single concrete elements. When considering 
structural systems, positive effects like load redistribution and membrane 
action may develop, as well as negative effects as for example large fire-
induced lateral forces on non-exposed concrete columns (due to the thermal 
expansion of fire-exposed slabs). A global probabilistic model which 
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considers the interaction between structural elements and consequently 
directly evaluates system failure is a logical, but computationally very 
expensive, next step. This type of global model would furthermore allow for 
a more realistic modelling of the structural behavior by taking into account 
advanced fire dynamics (i.e. considering for example travelling fires). 
VII.2.4. Safety level of concrete elements considering external 
restraint 
As indicated in the dissertation, the developed methodology can directly be 
applied when considering the effect of fire-induced restraining forces. 
However, current approximate formulas for the restraint effect appear to have 
only a limited range of applicability, and consequently this remains an area of 
future research. Ideally, the entire element is modeled and the restraint effects 
are evaluated numerically. Thanks to the recent increase in computational 
capacity, this should be possible on a probabilistic basis.  
VII.2.5. Safety level of concrete columns considering second 
order effects 
Due to the large displacements during fire exposure, second order effects 
may become very important. An evaluation of this problem should be directly 
possible when combining the methodologies described in this dissertation 
and the current work done at Ghent University by Wang, see (Wang et al., 
2015). 
VII.2.6. Tensile membrane action during fire exposure 
Based on personal communications, tensile membrane action is often thought 
to increase structural fire safety for concrete members. However, this 
hypothesis has not yet been tested, and considering the effect of elevated 
temperatures on the mechanical properties of the reinforcement (e.g. a large 
increase of the yield strain), the performance of membrane action during fire 
may be different from normal temperatures. Clearly, evaluating whether 
tensile membrane action does indeed increase structural safety in case of fire 
is a topic of great importance. 
VII.2.7. Further investigation of the phenomenon of spalling 
The phenomenon of fire-induced spalling may severely reduce the fire 
resistance of concrete elements. Although a number of calculation tools have 
been developed in literature, there currently exists no practically feasible 
model which adequately describes the phenomenon. Clearly, this remains a 
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very important and very challenging area for fundamental research. As 
summarily indicated in this dissertation, taking into account the stochastic 
nature of basic parameters and their spatial variability can be of significant 
importance both for describing the phenomenon, and for determining whether 
a concrete design is adequately safe (i.e. considering a probability of 
spalling). 
VII.2.8. Adaptation of the post-fire assessment method for other 
assessment situations 
The Eurocode design methodologies are reliability-based. However, for the 
assessment of damaged or existing structures, no safety format is given by 
the Eurocodes. Theoretically, this means that only a full-probabilistic 
calculation is available to the engineer doing the assessment. This can 
however be considered both too complex and too time-consuming for most 
practical applications. The post-fire assessment tool developed in this 
dissertation provides an easy-to-use and very efficient method for a 
reliability-based assessment of concrete elements after fire exposure, using 
only a limited number of analytical formulas, and precalculated graphs 
known as assessment interaction diagrams. This method seems very 
promising for applications in other assessment areas as well, for example 
when evaluating the residual load-bearing capacity of a structure damaged by 
chloride-induced corrosion. 
VII.2.9. Investigate the direct and indirect costs associated with 
structural failure 
The Lifetime Cost Optimization methodology derived in the dissertation is 
strongly dependent on the assessed direct and indirect costs in case of 
structural failure. Extensive investigations into these direct and indirect costs 
would be of great scientific and practical importance and would allow for a 
thorough evaluation of the appropriateness of the target safety levels in 
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A.1. Introductory note 
The mixed-lognormal distribution has been presented in Chapter III as a 
superior approximation for the field bending moment capacity of concrete 
slabs and beams subjected to fire and pure bending. The computational 
simplifications presented in this Appendix have been published in (Van Coile 
et al., 2013a). 
A.2. Calculation using Latin Hypercube Sampling 
For practical implementations, evaluating the discrete probabilities P[ci] by 
equation (III.11) is straightforward. However, calculating the mean and 
standard deviation of MR,fi,tE for a constant concrete cover – as required for 
the evaluation of (III.10) – may be time-consuming. The computational 
efforts can be kept small by using advanced simulation procedures as e.g. 
Latin Hypercube Sampling (Ollson et al., 2003). This method allows to 
estimate the mean and standard deviation of MR,fi,tE(c), while requiring only a 
limited number of simulations. A Latin Hypercube procedure with 200 
simulations was used to describe the constituents for the mixed-lognormal 
approximation in Figure A.1 (PDF) and Figure A.2 (CDF). Both graphs refer 
to slab type A with σc = 10 mm. 
 
Figure A.1: Cumulative Density Function (CDF) for slab type A (σc = 10 
mm): observed histogram ‘A’ and Latin Hypercube mixed-lognormal 
approximation ‘Mixed LN’. 
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Figure A.2: Cumulative Density Function (CDF) for slab type A (σc = 10 
mm): observed histogram ‘A’ and Latin Hypercube mixed-lognormal 
approximation ‘Mixed LN’. 
 
Throughout the thesis, all mixed-lognormal approximations for beams have 
been calculated using Latin Hypercube Sampling, except when explicitly 
stated otherwise. For slabs mostly the more efficient analytical approximation 
has been used (see further). 
 
As the constituents of the mixed-lognormal approximation are determined 
using 200 samples with the moment-curvature calculation tool instead of the 
10000 samples for the crude Monte Carlo simulations, considerable time-
gains can be obtained. However, the total number of calculations remains 
very high as every constituent requires 200 simulations. Lowering the 
number of simulations in the Latin Hypercube set is possible at the cost of a 
reduced accuracy for the estimated standard deviation of the lognormal 
constituent. 
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A.3. Analytical calculation 
For concrete slabs the calculations can be simplified further by 
acknowledging that the concrete compressive zone experiences only limited 
heating if the slab is exposed to fire from the bottom side only. Consequently, 
no reduction of the concrete compressive strength needs to be taken into 
account and the bending moment capacity can be calculated by (A.1), taking 
into account the local reinforcement temperature θ. 
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Taylor approximations can be used to calculate the mean and standard 
deviation of MR,fi,tE(c). Using Xi and g to refer respectively to the different 
stochastic parameters and function (A.1), the first order Taylor 
approximations can be written as 
 
( ), ,MR fi tEµ g µ≈  (A.2) 














∑  (A.3) 
 
These equations can be used together with equations (III.10) and (III.11) to 
analytically describe the mixed-lognormal approximation, resulting in very 
significant computational benefits by avoiding the need for numerical 
simulations. 
 
The performance of the analytical approximation is illustrated in Figure A.3 
for slab type A (concrete cover standard deviation σc = 10 mm) where the 
CDF of the analytical mixed-lognormal approximation is compared with the 
CDF of 10000 Monte Carlo simulations. The analytical approximation gives 
excellent results while requiring only fractions of a second for calculation. 
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Figure A.3: Cumulative Density Function (CDF) for slab type A (σc = 10 
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B.1. Introductory note 
As mentioned in Chapter IV, considerations of amongst others a reduced 
remaining lifetime may justify a reduction of the target reliability index 
compared to the target value required for new structures (Vrouwenvelder & 
Scholten, 2010), (Gulvanessian et al., 2002). Therefore a set of alternative 
assessment interaction diagrams is given below. These diagrams have been 
evaluated considering the methodology presented in Chapter IV and 
considering a 50 year reference period for the imposed load effect. 
B.2. Assessment interaction diagram for βt,50 = 3.5 
 
Figure B.1: Assessment interaction diagram for βt,50 = 3.5. 
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B.3. Assessment interaction diagram for βt,50 = 3.3 
 
Figure B.2: Assessment interaction diagram for βt,50 = 3.3. 
B.4. Assessment interaction diagram for βt,50 = 3.1 
 
Figure B.3: Assessment interaction diagram for βt,50 = 3.1. 
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B.5. Assessment interaction diagram for βt,50 = 2.8 
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C.1. Introductory note 
The assessment interaction diagrams introduced in Chapter IV for the 
reliability-based post-fire assessment of the maximum allowable 
characteristic value of the imposed load can be used for a broad range of 
practical applications. In general, any application where a practitioner has to 
make a reliability-based assessment of an existing structure may be of 
interest. However, for existing structures the target reliability level may be 
lowered considering a reduced remaining lifetime of the structure 
(Vrouwenvelder & Scholten, 2010) or other considerations (Gulvanessian et 
al., 2002). Similar considerations may result in a reduced (or increased) target 
reliability index to be applied for the post-fire assessment itself. 
Consequently, the interaction diagrams given in Appendix B for a limited set 
of target reliability indices βt (50 year reference period) will not always 
suffice for the practitioner who wants to apply a different target reliability 
index or reference period. In principle new reliability calculations are 
required to determine a new assessment interaction diagram, but this may be 
considered an obstacle for flexible applications (although the actual 
calculations take only a couple of minutes once the calculation scheme has 
been programmed). Therefore, a further approximation can be used which 
results in an analytical representation of the assessment interaction diagram.  
C.2. Analytical evaluation of the assessment 
interaction diagram, based on a lognormal 
approximation for the load effect E 
As indicated by equation (IV.3), the basic limit state function governing 
design situations can be written as: 
Z R E= −  (C.1) 
 
with R the resistance effect and E the load effect. 
If both the resistance effect R and the load effect E can be modelled by a 
lognormal distribution, equation (C.1) can be elaborated to: 
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Furthermore, for structural design the load effect E is considered as the 
summation of the permanent load effect G and an imposed load effect Q: E = 
G + Q. Consequently, the mean value µE and standard deviation σE of the 
load effect can be calculated as: 
E G Qµ µ µ= +  (C.3) 
2 2
E G Qσ σ σ= +  (C.4) 
Note that contrary to the elaboration in Chapter III, no model uncertainty for 
the load effect has been included in equations (C.3) and (C.4), as all model 
uncertainties are combined in the calculation of the resistance effect in 
accordance with the methodology of Chapter IV. 
Based on the literature study of Holický and Sýkora (2010), the mean and 
standard deviation of G and Q for a 50-year reference period can be related to 
their characteristic values Gk and Qk as follows: 
G kµ G=  (C.5) 
0.1 0.1G G kµ Gσ = =  (C.6) 
1Q kµ Qκ=  (C.7) 
2 1 2Q Q kµ Qσ κ κ κ= =  (C.8) 
The parameters κ1 and κ2 have to be determined, considering the reference 
period for the Gumbel distribution describing the imposed load effect Q. For 
example, in case of a 50 year reference period, κ1 = 0.6 and κ2 = 0.35, while 
for a 5 year reference period κ1 = 0.2 and κ2= 1.1 (Holický and Sýkora, 
2010).  




Q Gχ = +  (C.9) 
 
Combining the equations above, the mean and standard deviation of the load 
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effect E can be evaluated as equations (C.10) and (C.11), and the coefficient 
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These equations can be substituted in equation (C.2) to obtain an analytical 
formulation of the assessment interaction diagram, which can for example be 
solved iteratively, or by using a spreadsheet solver. 
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C.3. Comparison with the numerical assessment 
interaction diagram of Chapter IV 
The assessment interaction diagram of Chapter IV (and Appendix B) has 
been calculated considering a Gumbel distribution for the imposed load effect 
Q and a normal distribution for the permanent load effect G, by applying 
FORM. As elaborated above, the analytical approximation of the assessment 
interaction diagram is based on a lognormal approximation for (G + Q). The 
resulting deviations from the FORM-based assessment interaction diagram 
are visualized in Figure C.1 by directly comparing both sets of curves for βt = 
3.8 (50 year reference period). Whereas the black curves correspond with the 
assessment interaction diagram of Chapter IV and Appendix B (i.e. 
determined through FORM), the red curves are associated with equation 
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(C.13), considering κ1= 0.6 and κ2 = 0.35 (i.e. considering a 50 year reference 
period). For χmax up to 0.4 the approximation is found to be accurate, 
especially for VR ≥ 0.1. As illustrated by the examples at the end of Chapter 
IV, this range corresponds with many realistic applications. For larger χmax 
the deviations between the black and red curves are much more significant. 
Furthermore, note that the deviations for large χmax are non-conservative and 
result in an overestimation of the maximum allowable load. Consequently, if 
applying the analytical approximation results in a large χmax a more detailed 
analysis may be appropriate. 
 
Figure C.1: Assessment interaction diagram for βt,50 = 3.8, for the FORM 
calculations applied in Appendix B and Chapter IV (black curves), and the 
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D.1. Introductory note 
In Chapter V the reliability index during natural fire exposure has been 
discussed, applying the EN 1991-1-2 parametric fire curve (CEN, 2002b), 
and assuming a square compartment with floor area Af of 400 m² and a height 
H of 3 m. At first glance these assumptions on the compartment geometry 
limit the general applicability of the obtained results. However, as discussed 
further the mathematical formulations of the EN 1991-1-2 parametric fire 
curve are such that a change in compartment geometry is equivalent to a 
change of fire load density. Consequently, the results obtained for the 
specific geometry of Chapter V apply for any other geometry assumptions as 
well if a transformation for the fire load density is applied. Interestingly, the 
Eurocode equivalency formula given in Annex F of EN 1991-1-2 does not 
acknowledge this mathematical equivalency for different compartment 
configurations. 
D.2. Geometry and fire load equivalency for the EN 
1991-1-2 parametric fire 
D.2.1. Ventilation controlled fires 
The Eurocode parametric fire curve is applicable to a wide range of 
geometries, opening factors and fire load densities, but is governed by a 
single equation for the gas temperature θg in the heating phase, equation 
(D.1). This feat has been achieved by considering a standardized time 
variable t* which is only dependent on the thermal inertia of the compartment 
and the opening factor if the fire is ventilation controlled. 
( )* * *0.2 1.7 1920 1325 1 0.324 0.204 0.472t t tg e e eθ − − −= + − − −  (D.1) 
 
For different compartments with the same thermal inertia and opening factor, 
this results in a heating phase formulation which is identical for different 
compartment geometries and fire load densities. The fire load density and 
compartment geometry determine at which point the heating phase stops, i.e. 
they determine tmax after which the cooling phase starts. These concepts have 
been illustrated in Figure V.2 where the heating phase for different 
ventilation controlled fires follows exactly the same trend up to their 
respective peak-values. 
For ventilation controlled fires the time at which the maximum temperature is 
reached (i.e. the point at which the heating phase described by (D.1) stops), is 
determined by the variable tmax, given by (D.2). 













with q the fire load density, Af the floor area of the compartment, At the 
enclosure area of the compartment (i.e. considering the area of the floor, 
walls and ceiling), and O the opening factor. 
When considering the two compartments with the same opening factor (and 
thermal inertia), the discussion above and equation (D.2) imply that the gas 
temperature θg will follow exactly the same curve for both compartments 









=  (D.3) 
 
with the indices referring to compartments 1 and 2 respectively. 
Referring to compartment 1 as a reference compartment (for example the 
square compartment considered in Chapter V), the equivalency criterion of 
equation (D.3) can be written as (D.4) which gives the fire load density to be 
applied in the reference compartment in order to obtain the same fire 
conditions as in the alternative compartment (compartment 2). Consequently, 
any combination of geometry and fire load density can be translated in a fire 
load density for the reference compartment of Chapter V, and the results of 









=  (D.4) 
D.2.2. Fuel controlled fires 
The equivalency rule defined by equation (D.4) applies to fuel controlled 
fires as well. For fuel controlled fires equation (D.1) still governs the heating 
phase of the fire, but the standardized time variable t* is related to the 
thermal inertia and to the parameters q, Af, At and tlim, with tlim the time at 
which the peak temperature is attained, see (D.5). This tlim can be considered 
as 25 minutes in case of a slow fire growth rate, 20 minutes for a medium fire 
growth rate, and 15 minutes for a fast fire growth rate. The fire growth rate 
can be related to the type of material constituting the fire load, and in 
accordance with EN 1991-1-2 this can be linked to the use of the building 
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Consequently, for two compartments for which the same fire growth rate and 
thermal inertia are considered, the same θg applies for the heating phase if the 
standardized time given by (D.5) is the same. As tlim governs the peak 
temperature constituting the end of the heating phase, the end of the heating 
phase is in this case identical for both compartments as well. 
The above requirement that t* is the same for both compartments can be 
written as (D.6), which is the same equation as (D.3). Consequently, the 
equivalency formula of (D.4) is applicable as well and indicates which 
alternative value for the fire load density should be considered in the 
reference compartment in order to consider the parametric fire in an 
alternative geometry. This equivalency rule again expands the range of 









=  (D.6) 
D.2.3. Differentiation between fuel controlled and ventilation 
controlled fires 
An important question is whether the transformation rule given by (D.4) may 
result in a ventilation controlled fire in the alternative compartment being 
transformed into a fuel controlled fire in the reference compartment, or vice 
versa. 
This transition will not occur, as can be shown by considering the limit 
criterion of equation (D.7) – given in Chapter V as equation (V.1) – which 
governs the transition from a ventilation controlled fire to a fuel controlled 
fire (when Z is positive the fire is ventilation controlled, and elsewise the fire 
is fuel controlled). The index ‘2’ has been applied in (D.7) to indicate the 













= −  
(D.7) 
Appendix D: Compartment equivalencies 351 
In accordance with the equivalency rules described above, the same fire 
curve will be obtained when considering the reference compartment (i.e. 
considering Af,1 and At,1), and applying a fire load density of q1 = q2 (Af,2At,1) / 
(Af,1At,2). Applying this equivalent fire load in the reference compartment, the 
associated limit criterion determining whether the fire in the reference 














= −  
(D.8) 
 
As (D.8) immediately reduces to (D.7), no transition will occur when 
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